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Preface
This book regroups a selection of contributions presented at the yearly meeting
on “NUMERICS IN GEOTECHNICS”, on August 29.2005, at the Swiss Federal
Institute of Technology, in Lausanne.
The meeting has been taking place regularly, since years, as a ZSOIL user
meeting and evolved progressively to its present form, with contributions by
ZSOIL users and developers, and others.
2005 marks the 20th anniversary of ZSOIL.PC, which came out in early 1985
after three years of intensive development at Zace Services Ltd. It is a good time
therefore to acknowledge the support and contributions of the many people who
joined
the
project
over
some
period
of
time.
The initial software development started in 1982, under the supervision of
Thomas Zimmermann, with a team composed of Carlos Rodriguez, Basile
Dendrou and Blaise Rebora, with research experience at the Swiss Federal
Institute of Technology in Lausanne, U.C.Berkeley, Caltech, and Purdue
University, Françoise Delaraye was in charge of the manuals.
Later on, J. Diaz, M. Howe, E. Seker, E. Davalle, A. Truty, A. Urbanski, K.
Podles, A.Barry, B. Rutscho, D. Alvarez, A. Wroblewski, W. Atamaz Sibai,
A.Wiktor successively joined the development team, and collaborations with
P.Roelfstra, Ph. Menétrey and J.-L. Sarf led to significant progress in specific
chapters.
The original 1985 version included only single phase media, the second included
fully coupled two-phase media, since 1990, thermal and humidity diffusion, since
1995, full 3D capabilities, including structures, since 2000, and dynamic
capabilities since 2005.
Version 7 is now in final stage of preparation: A. Truty, K. Podles, A. Urbanski,
A.Wroblewski, A.Wiktor and Th. Zimmermann contributed to the architecture of
this version, which introduces a simplified interface, new meshing capabilities,
improved performance, new constitutive models, large displacements, pushover
and dynamic capabilities and more.
Financial support of the Swiss Commission for Technology and Innovation (CTI)
under grants 2672.1, 2387.1 and 2995.1, for version 4, and grant 4182.1, for
version 6, is acknowledged. Contributions to these developments were done at
the Laboratory of Structural and Continuum Mechanics (Prof. F. Frey, L. Vernier,
W. Farra, B. Radic, S.Commend), the Laboratory of Rock Mechanics (Prof. F.
Descoeudres, M. Kharchafi, L.Labiouse, R. Gaerber), and the Laboratory of Soil
Mechanics (Prof. L. Vulliet, L.Laloui), at the Swiss Federal Institute of
Technology in Lausanne. In addition, several engineering companies have
supported the development of custom versions with scientific contributions,
validations and financial support : Bonnard & Gardel ingénieurs conseils SA,
Lausanne (contributions by F. Vuilleumier, D. Collomb, S. Domon, C. Marzer,

G.Roelfstra, C. Gindroz), Emch + Berger AG, Berne (Ph. Menétrey), GEOS
ingénieurs conseils SA, Genève (M. Favre, and P. Mayu), GVH ingénieurs
conseils SA, Tramelan (A. Bisetti, J. L’Eplattenier, D. Tendon), INTRON SME,
Yverdon (P. Roelfstra), Schneller-Ritz und Partner AG Ingenieurbüro, Brigue (C.
Carron), Stucky ingénieurs conseils SA (J.-L. Sarf, E. Davalle), Lausanne.
Advice on finite element methodologies provided by T.J.R.Hughes (TICAM,
Austin) since the early days has often been crucial, his advices are gratefully
acknowledged. The many inspiring discussions with J.P.Wolf (EPFL) throughout
the years and the useful discussions with J-H.Prevost (Princeton Univ.) at the
early stage of the project are also acknowledged.
With hundreds of installations active worldwide in daily practice, network
installations for students in various universities and thousands of real-world cases
studied, some of them illustrated in this book, ZSOIL.PC has become a reliable
and powerful help to the modern civil engineer.
20 years of age is a milestone for a software package, this book is therefore
dedicated to all those who, through their interest and confidence in this
development,
have
made
this
journey
possible.
This 20th anniversary celebration is also the opportunity to distinguish
outstanding contributions with the first Z_Soil awards:
Marina Pelevina of Moscow State University of Civil Engineering receives the
2005
Z_SOIL FRESHMAN PRIZE for her excellence as freshman student in
Underground Engineering.
Jean-Luc Sarf , of BET- JLS Engineering Switzerland, receives the 2005
Z_SOIL ENGINEERING PRIZE for his important contributions to the
validation of Z_SOIL.PC from 1990 to 2005.
Ulf Ekdahl, of PEAB Sverige AB, receives the 2005 Z_SOIL ENGINEERING
PRIZE for his important contributions to the validation of Z_SOIL.PC from
1990 to 2005.
K.Podles, of Cracow University of Technology and Zace Services Ltd receives
the 2005 Z_SOIL DEVELOPMENT PRIZE, for his essential contributions in
the development of Z_SOIL.PC from 1997 to 2005.
A.Truty, of Cracow University of Technology and Zace Services Ltd, receives
the 2005 Z_SOIL RESEARCH PRIZE for his outstanding contributions to
the development of Z_SOIL.PC from 1992 to 2005.
Lausanne sept.2005
Thomas Zimmermann, Professor of Structural and Continuum mechanics
Swiss Federal Institute of Technology (EPFL) & Zace Services Ltd, Lausanne
Andrzej Truty, Professor of Geomechanics
Cracow University of Technology & Zace Services Ltd
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Darcy’s flow, J2 plasticity.
This purpose of this paper is to address new tracks for the future generation of
computational applications in mechanics and related branches. We advocate that
modern computational tools will have to deal with complex strongly coupled multiphysics multi-scale problems. Moreover, heterogeneous distributed multi-processors
systems are used today for the numerical simulations. We pose here some basic
ideas for the design of modern computational applications. All the illustrations are
based on finite elements strategies implemented in a pure Java paradigm.
1

Introduction
Nowadays, the engineers and the researchers have to take into account a large
amount of parameters in the design process of computational applications:
efficiency, need of high level concepts for fast prototyping, scale of computations,
need of multi-processing computation, networking, need of high level GUI (graphic
user interface),… In this context, the strong interest for object-oriented technologies
in computational mechanics lies in the increasing size and complexity of the
problems currently solved (see Noor [1] for example in computational structures
mechanics). This approach has been investigated in many computational fields in
mechanics: constitutive law modelling, in finite deformation plasticity, in parallel
finite element applications, in rapid explicit dynamics, in fracture mechanics (see
Eyheramendy [3] and [4] and references therein). The broad range of applications
solved within the object-oriented paradigm shows that every researcher or engineer
can easily build a personal framework adapted to his domain of interest: physical
problem, numerical treatment, computational environment... The challenging
problems for the years to come will certainly concern coupled multi-scale multiphysics. Moreover, the increasing size of the problems will lead to the development
of efficient parallel strategies. From a technical point of view, the developers need to
1

mix multiple software technologies (graphical libraries -e.g. OpenGL-,
communications libraries -e.g. MPI-...) in order to integrate the numerical
algorithms into computer tools. Considering the inherent complexity of the
traditional languages such as C++, the development of global frameworks for finite
elements computations can rapidly become cumbersome. The software strategy we
proposed is based on a pure Java object-oriented paradigm. This platform has the
major advantage to offer both a comfortable environment for object-oriented
programming and a suitable numerical efficiency. Moreover, from an industrial
point of view, it is worth to notice that the code naturally becomes platform
independent. We advocate that the C++ language could merely be replaced by a Java
type approach. This has already be advocated by many authors: e.g. Ginsberg & al.
[5], Padial-Coolins & al. [6], Baudel & al. [7], Eyheramendy [8], Bull & al. [9],
Nikishkov & al. [10], Häuser & al. [11], Riley & al.[12].
In section 2, two advanced object-oriented concepts are briefly presented. The
objective of this work is to closely relate the developments to the physical and
mathematical modeling. This is illustrated, first in section 3, on the enforcement of
global model consistency on the example of Darcy’s flow formulations, and second
in section 4, on a numerical model for the mathematical consistency enforcement
applied to the elastoplasticity. At last, networking strategies and an Internet
integration are briefly discussed in section 5. An example of web portability is
presented.
2

Advanced O.O concepts in Java
Basic object-oriented concepts and applications to finite elements has been
widely discussed in Zimmerman & al. [1] and Dubois-Pèlerin & al. [13] and [14]
and related pioneering works. The first concept introduced in the present work is the
concept of inner class. The definition of a class is allowed within another one. Both
classes partially share some data. We used this scheme to define at the same local
level, first, data defining the fields and the finite elements formulations overall the
computational domain, and second, data defining the fields and the formulations at
the elemental level. The second concept is the concept of interface. An interface is a
reference type that is closely related to a class. It can be seen as a pure abstract class
(a class that cannot be instanced). This class does not define any implementation but
only specifications, i.e. only methods that are defined to be mandatory in a given
class. A class is said to implement an interface, if and only if, the class exhibits an
implementation of the methods specified at the level of the interface. The complete
description of these concepts goes beyond the scope of this paper and can be found
in Eyheramendy [15] or Flanagan [16].
3

Local and global data code consistency: Application to Darcy’s flow
We give an example for which special Java syntaxes may be helpful to better
handle complexity of a F.E code. Inner classes allow the programmer to partially
hide information to the whole of the code. It can be interesting to partially share
global and local aspects of a numerical scheme. The approach is illustrated on a
2

simple interface tracking scheme for underground water flow and a mixed
formulation of the Darcy’s flow equations. The management of the finite element
formulation is described on this example.
3.1

A free surface seepage problem

3.1.1 Seepage problem formulation: strong and weak forms
A procedure to locate the free surface of an unconfined seepage flow through
porous media is completely described in Lacy [17]. Let us briefly recall the problem.
We consider the flow of an incompressible and homogeneous fluid into a porous
medium. The medium is assumed to be either wet (saturated) or dry. Capillarity,
partial saturation and evaporation are neglected. The free surface is defined as the
boundary line between the dry and wet soils as shown in figure 1 (free surface
CDE). No flux gets through the free surface and the pressure is zero on the free
surface. The domain Ω w represents the flow region (the saturated part of the
geometric Ω domain occupied by the earth structure) and Ω d the dry part.

E

H1

Ω = Ωw + Ωd

Ωd

Ωw

D
C

H2

A
B
Figure 1 - Definition of the free seepage problem.
The piezometric head Φ is defined with respect to the pressure p such as:
p
p
φ=
+y= +y
ρg
γ
where ρ is the density of the fluid and γ the specific weight of the fluid.
The steady state problem may be modeled as follows:
With boundary conditions:
p ≥ 0 in Ω w
p = γ ( H 1 − y ) on AF
p = 0 in Ω d
p = γ ( H 2 − y ) on BC
∇ . k . ∇φ = 0 in Ω
p = 0 and n . k . ∇φ = 0 on ED
k: Darcy permeability tensor.
p = 0 and n . k . ∇φ = 0 on CD
n . k . ∇Φ = 0 on AB

3

The fundamental difficulty is that the location of the free surface is unknown a
priori and the enforcement of the boundary conditions on the free surface may be
tremendous. The formulation is extended to the entire domain Ω = Ω w ∪ Ω d by
using an extended pressure field p(x) for which the p ( x) = 0 in Ω d -the dry soil
domain-. Existence and uniqueness of the solution for the extended problem is
showed by introducing the following penalized problem:
⎧Find pε ∈ P = H 1 (Ω w ) such that ∀q ∈ H 01 (Ω w )
⎪
⎨ 1
⎪∫ Ω k∇pε ∇qdΩ = − ∫ Ω k H ε ( p ) ∇y ∇qdΩ
⎩ γ
H ε ( p) is an extension of the Heaviside function that includes a penalty
parameter. Since the location of the free surface is unknown a priori, a Newton
iterative scheme is required to solve the problem. A local computation (at the
elemental level) is done to determine of the penalty parameter ε and a cut-off
pressure po which enforce the pressure to a “small” negative value in the dry soil. A
detailed description of it can be found in Lacy [17].
3.1.2 Implementation in the Java code
The main object in the application is the field. It supports all the nodes and the
values of degrees of freedom. The formulation initializes the fields. The formulation
for the seepage problem is based on the definition of a single scalar field, the
pressure.
The implementation of the formulation is made through a class called:
PressureDarcyPenalizedProblem. The class is posted in Figure 2. The class
subclasses Formulation in which all the basic behavior of the finite elements
formulation is taken into account, e.g. the global way of building fields overall the
computational domain. The class embeds an inner class called PressureDarcy. The
two important methods in the class are:
o initialize() which permits us to describe the unknown field, here a scalar
field, the pressure, for the problem; this a global method (see figure 3),
o getElement() which permits us to instantiate at the local level the finite
element called PressureDarcy with local elemental fields, numerical
quadrature (which may play a crucial role for constitutive law modeling)
and material definition.
The finite element PressureDarcy exhibits as local behavior all the computation
of the finite element matrices defined Figure 2 in italic and Figure 3. The definition
of both classes, i.e. the inner and outer classes, permits us to completely define a
new finite element formulation. This special feature of the Java programming
language can be seen as a generalization of the object-oriented concept at the level
of a class. This leads to an enhanced organization of code.

4

public class PressureDarcyPenalizedFormulation extends Formulation
{
public static double Tolerance = 1e-3 ;
public static double LargeParameter = 1e10 ;
public String toString() { // … }
public Material defaultMaterial() { return new PorousMedia () ; }
public void initialize( Domain domain ) { // … }
public Element getElement( ElementalGeometry aGeom , Quadrature aQuadrature ,
ElementalField[] flds, int nb , Material m )
{
return new PressureDarcy ( aGeom , aQuadrature , flds , nb , m ) ;
}
public static class PressureDarcy extends Element
{
public PressureDarcy( ElementalGeometry aGeom , Quadrature aQuadrature ,
ElementalField[] flds , int n , Material m ) { // … }
public FullMatrix computeConstitutiveMatrix() { // … }
public Hashtable computeElementalMatrices( TimeStep ts ) { // …}
protected double computeCutOffPressure( ElementalGeometry aGeometry ,
double gamma ) { // …}
protected double computeEpsilon( ElementalGeometry aGeometry , double gamma ) { // …}
// … additional non-implemented abstract methods …
}
}

Figure 2 - Implementation of an inner class in Java for defining a formulation

public void initialize( Domain domain )
{
Field[] fields = new Field[1] ;
fields[0] = domain.createAScalarField ( 0 ) ; // PRESSURE
domain.setFields ( fields ) ;
domain.setNumberOfUnknownFields ( 1 ) ;
Subdomain[] subdomains = domain.getSubdomains () ;
for( int i = 0 ; i < subdomains.length ; i++ )
this.initialize ( subdomains[i] ) ;
}
public Element getElement( ElementalGeometry aGeom , Quadrature
aQuadrature , ElementalField[] flds , int nb , Material m )
{
return new PressureDarcy ( geom , gaussPoints , fields , nb , m ) ;
}

Figure 3 - Definition of the fields the Darcy’s flow formulation
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3.1.3 Numerical examples
For all the test cases, the permeability k is set to identity tensor and the specific
weight of water γ is set to 1.0. Bilinear quadrilateral elements have been used. We
obtain similar results to the one obtained in Lacy [17]. The first example in figure 4
shows a dam with a toe drain, and the second one, a dam with an impermeable sheet
on the upper part of the right face. We tested on these cases various strategies for the
choice of the penalty parameter ε and cut-off pressure definition. The accuracy of
the solution drastically depends on the choice of various parameters involved in the
formulation (penalty parameter, cutoff pressure…). The way to impose the boundary
conditions for the pressure especially on the free surface seepage zone may lead to
instable results. These experiments lead us to adopt an alternative strategy for the
solution or free surface seepage problem by introducing a free surface equation and
solving the flow using a velocity-pressure formulation. In the following section a
mixed velocity-pressure is studied.

H1=5
H1=7

h=3

Drain
3

H2=1

3

5

Figure 4: Dams: toe drain and impermeable sheet on the downstream face.

3.2

A mixed stabilized formulation for Darcy’s flow

3.2.1 Mixed stabilized formulation
We consider a pressure-velocity formulation for a Darcy’ flow problem. The free
surface tracking is not considered here; we aim to get a stable and accurate
formulation for a simple Darcy’s flow. A mixed formulation is adopted. The
problem can be summarized as follows:
Find u velocity and p pressure with appropriate regularity conditions such that
(domain described Figure 5):
p
u = −k∇( + y )
on Ω
ρ
fluid density
γ
div(u ) = 0
u⋅n = 0

on Ω
on ∂Ω

where: g

γ = ρg

6

gravity
charact. fluid heigth

The variational formulation is stated as follows (with the definition of
appropriate regular spaces):
Find (u , p ) ∈ V × P such that ∀(v, q) ∈ V × P :

∫v k

Ω

−1

u dΩ − ∫ div(v) p dΩ + ∫ q div(u ) dΩ
Ω

Ω

1
k
+ ∑ ∫ (γ k −1 u + ∇p + ∇γy ) (γ k −1 v − ∇q ) dΩ =
2 Ωe Ωe
γ

∫ div(v) γy dΩ

Ω

A more detailed description of the formulation proposed by Masud & al. [19] can
be found in Eyheramendy & al. [18].
∂Ω

Ω

r
n

Figure 5 – Description of the domain

3.2.2 Implementation
The implementation is similar to the one presented in the previous example. The
new formulation is introduced through a new set of classes. This is done in the same
way as in the previous example. This formulation has two unknowns: the pressure
field and the velocity field. Their natural definition of the fields at the global and
local levels is exhibited in the figure 6. It can be compared to the one of figure 3. We
show on this example the full potential of the inner class concept to achieve a natural
definition of the unknowns of the physical model and to enforce the consistency of
the finite element model at the elemental level within the application.

public void initialize( Domain domain )
{
Field[] fields = new Field[2] ;
fields[0] = domain.createAVectorField ( 0 ) ; // VELOCITY
fields[1] = domain.createAScalarField ( 1 ) ; // PRESSURE
domain.setFields ( fields ) ;
domain.setNumberOfUnknownFields ( 2 ) ;
Subdomain[] subdomains = domain.getSubdomains () ;
for( int i = 0 ; i < subdomains.length ; i++ )
this.initialize ( subdomains[i] ) ;
}

Figure 6 – Definition of the velocity and pressure fields
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3.2.3 Numerical results
We study in this example the injection of a fluid at the corner of a square domain.
Similar physical parameters as in the previous formulation are used in this
simulation. The results are in good agreement with the ones of Masud & al. [19].

Figure 7 – Injection at a corner for a Darcy’s flow
4

Nonlinear material modeling: enhanced data organization to enforce
numerical consistency

4.1 Elastoplasticity – Radial return algorithm
We recall here the basic equations of the elastoplasticity in the case of perfect J2
plasticity. Classical notation are adopted. The problem consists in finding the
displacement field u and the stress field σ with appropriate regularity conditions
such as defined in figure 8. Perfect plasticity with an associated flow rule is
considered. The yield condition is based on the second invariant of the deviatoric
part of the stress field. The solution of the global problem is obtained through an
operator split technique (see figure 9): a trial solution of the linear elasticity is
solved with the initial conditions from the second problem at the previous time step.
More details about the problem definition and the solution scheme can be found in
Commend & al. [22], Simo & al. [20] or Lemaître & al. [21].
4.2

An advanced object implementation: Algorithmic consistency enforcement
in finite elements: Application to elastoplasticity
We apply the mechanism of interface to the implementation of the plastic
corrector phase, for the numerical integration of the constitutive law. A classical
return algorithm is used. The global framework will be detailed in a forthcoming
paper Eyheramendy [23]. From a practical point of view, in the context of finite
elements applications, the correction step is classically performed at the level of
gauss points (numerical integration points). This algorithm cannot be applied to any
constitutive model. It is a restriction of a general return-mapping algorithm for the J2
plasticity. The algorithm is given figure 10.
8

Find u (t , x) and σ (t , x) with appropriate regularity
conditions such that :
∂ 2u
∂t

σ ij , j + f i = ρ
σ ij n j = Fi

on Ω × T

u=u

on ∂ 2 Ω × T

ui = ui

on ∂ 1 Ω × T

u (0, x) = u 0 ( x)

on Ω

∂ 1Ω

Ω

∂ 2Ω

ε kl (u) = ∇ (u) = 1 (u k ,l + u l ,k ) on Ω × T
2
Constitutive Law:
Yield condition : f (σ ) = J 2 (σ ) − R
S

f
F

γ ≥0
∂f
Flow rule ε& = γ
with conditions f (σ ) ≤ 0
∂σ
γf (σ ) = 0
Figure 8 - Elastoplasticity constitutive model
p

Elastoplastic
ε& = ∇ S (Δu& )

Elastic predictor

Plastic corrector
ε& = 0
ε& = ∇ S (Δu& )
=
+ & p ∂f
∂f
ε =γ
ε& p = γ
ε& p = 0
∂σ
∂σ
Figure 9 - Global solution scheme for elastoplasticity

Problem at iteration i and step n+1 :

•Given σ n

and dε n +1 = B Δd , find
i

σ n +1

–Compute trial stress (from elastic predictor problem)
σ ntr+1 = σ n + dσ tr = σ n + D el dε n +1

–If f (σ ntr+1 ) ≤ 0 then σ n+1 = σ ntr+1
–Else compute plastic correction

and stop

dq
dσ
Figure 10 - Radial return algorithm

dσ p = − D el dγ

Without entering the details of the class hierarchy, a partial view of the object
model is given in figure 11. The constitutive equations are represented by a generic
class called Behavior. This class is the abstract class representing all the different
types
of
constitutive
laws.
In
this
example,
the
subclass
LinearElasticPerfectlyPlastic represents the typical constitutive model studied
here: linear elasticity – perfect J2 plasticity. The abstract class Integrator represents
9

all the generic behavior of the different types of integrators, i.e. roughly speaking a
single generic method called integrate. This method initiates the correction phase.
The subclass RadialReturnAlgorithm strictly implements the algorithm posted
figure 10. The interface Integrable specifies the methods needed by all the models
of integrators: the computation of the constitutive matrix and the determination of
the plastic condition (checking of the yield condition). The subinterface
RadialReturnAlgorithm specifies the methods needed in the algorithm figure 10,
i.e. the computation of the plastic correction. The last step is to define the class
LinearElasticPerfectlyPlastic, subclass of class Behavior, to implement the
interface RadialReturnIntegrable. The class LinearElasticPerfectlyPlastic
implements the methods specified in both, the interface Integrable and the interface
RadialReturnIntegrable. The programmer is in charge of the correct use of the
numerical algorithm in the context of the model of equation. The class
LinearElasticPerfectlyPlastic is given figure 12. The methods implementing the
interface are: isPlastic (checking of the yield condition), computePlasticCorrection
(computation of the plastic correction) and computeConstitutiveMatrix
(computation of the constitutive matrix). The consistency of the code is then
guaranteed. The programmer is responsible for maintaining this consistency between
the physical model, the numerical model and the implementation. The interface
mechanism permits the programmer to enforce this global consistency at the level of
the code. Thus, mathematical properties are implemented in a natural way, providing
robustness through mathematical foundations.

Object
Behavior
LinearElasticPerfectlyPlastic
Integrator
RadialReturnAlgorithm

Integrable
RadialReturnIntegrable

Class hierarchy

Interface hierarchy

Figure 11 - Partial view of the class hierarchy for the constitutive law integration

Figure 12 - Detail of the class for J2 plasticity equations
10

4.3 Numerical example: a strip footing problem
We briefly present here a problem of the bearing capacity of a surface footing.
The data describing the problem (domain and physical data) is given in figure 13.
The failure load obtained in this example is q f = 5.2 kN / m (see figure 14). This

value is in good agreement to the approximated theoretical value q = 5 kN / m (see
Commend & al. [22]). A detail description of the problem and the typical numerical
ingredients used in this simulation will be discussed in the forthcoming paper
Eyheramendy [23].

E = 2.0 e7 kN/m 2

q

ν = 0 .3

Point A

Perfectly plastic (Mises) :
E = 3000 kN/m 2

ν = 0.4
σ y = 1.73 kN/m 2
γ = 0.0 kg / m 3

Figure 13 – Definition of the strip footing problem

Vertical displacement y of the strip footing
0,00E+00
-1,00E-03

0

2

4

6

8

-2,00E-03

y

-3,00E-03
-4,00E-03
-5,00E-03
-6,00E-03
-7,00E-03
-8,00E-03

q

Deformation of the domain
Figure 14 - Numerical results for the strip footing problem
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High level portable libraries and integration of F.E over the Internet
One problem today requiring attention for engineering computational
applications is the use of the cyber infrastructure. In modern computational
mechanics, a pure computer science approach cannot be able to carry out new
designs in finite elements codes. Knowledge and expertise from the mechanical
and mathematical modeling has to be integrated into complex applications to be
run on a complex system of computers. We describe here a simple example of
distribution of a finite elements application in mechanics over the Internet. It
will probably be for the near future a hot topic for the distribution of commercial
applications. A new way to use computational tools is to be invented. The major
point of the following lies in the portability of the code. This is a typical feature
of an application developed using a pure Java paradigm. In figure 15, an
example of WWW integration of computational application is presented. The
principle lies in the fact that every Internet browser in the world embeds a Java
Virtual Machine which allows the execution of Java code on the local computer.
The computational mechanics application is made accessible through a simple
HTML page by the way of a typical Java framework called Applet (see Flanagan
[16]). A completely portable GUI (Graphical User Interface) is offered to the
Web user. A convenient user interface gives access to the specific application. In
the example shown here, typical problems of computational mechanics are
available: strip footing (J2 plasticity), various cavity flows (Stokes, NavierStokes), flow around a cylinder for an incompressible Navier-Stokes flow…
This development is an example of distribution of an application over various
computer systems.

HTML pages
JAVA
Virtual
Machine

@

WEB
SERVER

Java FEM
byte code

Figure 15 – An example of integration of a F.E code over the Internet
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Conclusion
In this paper, we have presented basic principles to enhance the consistency of
finite elements code for engineering applications. First, an example of local and
global consistency enforcement for a finite element model has been described and
illustrated on different Darcy’s flow finite elements formulations. Then, the typical
interface mechanism applied to the numerical consistency enforcement has been
described. Both mechanisms help the programmer to produce safer and better code
based on some mathematical properties. At last, general ideas about the integration
of computational application over the Internet have been discussed and a basic
application briefly described.
We advocate that computational frameworks will naturally bend on high
abstraction mathematical concepts. This opens new tracks in the crucial domain of
verification and validation of code by naturally embedding mathematical aspects
into the computational codes. The second aspect of the paper is the need of high
level integration of computational applications including the use of the cyber
infrastructure.
The portability of computational codes based on high level complex libraries is
an important feature to maintain the homogeneity of the code. This has of course
consequences from an industrial point of view: the maintenance of code becomes
easier (single code for all platforms). Beyond the use of the Java language adopted
in this work, we think that this kind of highly structured portable environment is
very promising to develop high level portable computational applications including
networking capabilities. The integration of a computational application through the
Internet offers new perspectives in the distribution codes not only for educational
purposes.
At this stage, we have developed different formulations covering the main
domains of computational mechanics: heat conduction, linear elasticity (statics and
dynamics), nonlinear elasticity, perfect elasto-plasticity, Stokes flow, Navier-Stokes
flow, Darcy flow with free surface tracking. Different kinds of numerical algorithms
have been developed: direct and iterative linear system solvers, linear and nonlinear
time integrations schemes, Newton-Krylov solvers… Various finite element
schemes have been used, including parallel schemes based on the Schwarz domain
decomposition method and low order stabilized finite elements. The wide range of
applications treated within the proposed approach shows its flexibility. The next
challenging step of the developments consists in first treating coupled multi-physics
problems and second extending the approach to parallel distributed computing.
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Z_SOIL ® 2D/3D, a pocket calculator

Jean – Luc SARF*
*CEO of the B.E.T. Jean L. SARF,
Rue du Lignolat 48, CH-1170 Aubonne
Phone: +41 (0)21 616 01 63, sarf@JeanLSARF.com

Keywords: software tool, 3 dimensional, user-friendly, reliable, tested worldwide,
pocket calculator, since 1985, Swiss made.
Thanks to people who knew how to share their motivations, their knowledge and
their know-how with others, Civil Engineering has been keeping developing for over
one hundred years. This article is dedicated to Z_SOIL ® 3D and its first designer,
Prof. Dr. Thomas Zimmermann, who has been trying hard for more than 20 years to
achieve his goal, that is: developing a reliable user-friendly high performance
software tool to solve complex civil engineering problems, in an unified manner,
specially in the field of soil-structure interaction. A few projects are shown hereafter
to demonstrate that today Z_SOIL ® can be used as simply as a pocket calculator;
and the aim of present and future developments in Z_SOIL ® remains: improving
user-friendliness, reliability and performance.
Before getting to the heart of the matter, let me give you a short history. In 1986,
the first PC version of Z_SOIL ® (2D) was launched. At that time, I was on a
training course at the Federal Institute of Technology of Lausanne (EPFL). In 1990,
I used Z_SOIL ® for the first time during the preparation of my engineering
diploma. In 1991, Prof. Th. Zimmermann and his staff started to develop a general
user- friendly,three-dimensional PC calculation tool for soils and rocks, to assist
civil engineers in day-to-day dimensioning. In 1993, this led to a partnership
between well-known civil engineering companies, ZACE Services Ltd and the
Swiss Federal Institute of Technology(EPFL). For several years, the 3-dimensional
developments were then available exclusively to this restricted circle of partners, un
til a commercial version of Z_SOIL ® 3D was developed, which since recently is
free from any exclusive rights and is available to anybody.
Since 1994, I have been an active participant in the practical development of
Z_SOIL ® 3D. My main goal was to contribute to the pre and post-processing tools
and to develop training methods. Within the B.E.T. SARF company, I offer now
practical training and consulting services on Z_SOIL ® 3D, worldwide.
17

The following figure summarizes what Z_SOIL ® 3D represents for me: a time
saving pocket calculator. Program Z_SOIL ® , registered in 1985, has been keeping
developing with time. It offers a top-level hotline, well designed interfaces and user
manuals, and capabilities which are in continuous evolution. Many users also take
advantage of dedicated functions, pertinent to their specific applications, to increase
speed and user-friendliness. Today, the program has gained worldwide recognition
for its quality. It is used daily in engineering practice and in the academic world.

Welcome to Z-SOIL pocket calculator
by Jean-L. SARF

Swiss made

Pre-processor

Post-processor
Analysis module

Time is Money !
In the years 1994 - 1997, complex three-dimensional non-linear numerical
analyses required weeks of work, starting from model creation to synthesis report,
for example to analyze the time-dependent behavior of a dam. Today, thanks to very
performing pre-processing tools, things have changed. Now, after analysing the
problem to solve and preparing a first design of the numerical model, only a few
hours are necessary to create a geometrically complex numerical model with
Z_SOIL ® 3D.
Considering present hard competition among engineering firms, the engineer’s
first mission is a good design, the second consists in continuously optimizing the
design by taking advantage of data collected, for example, during the excavation
process of an urban tunnel. In doing this, as will be shown later, Z_SOIL ® 3D can
be of considerable help; it allows to design the model corresponding to a new
situation and to check the work’s safety at the same time, almost like a pocket
calculator (as hinted on the following figure). This will be illustrated hereafter on the
example of a calculation for a subway tunnel.

18

In the following sections of this article, I will indicate the time dedicated to the
creation of models. Considering that this article is written for the celebration of
Z_SOIL ®, on the occasion of its 20th anniversary, names of consulting companies
and names of the different works will be omitted.
CASE 1: Study of the stability of the excavation front of a tunnel. Key
Words: safety, seepage, groutings, crown drivage, model adaptation according to
the tunnel progress. The creation of the model required 18 hours (including
geology, all construction phases, groutings, face strengthening, seepage, metallic
arches, crown drivage). The following figure shows the view of the tunnel
excavation and the modelling.
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The following figure shows a zoom of the excavation front with the HEB 180
steel arch reinforcement and the modelling.

Shotcrete

Protection vault 1

Excavation front reinforcement
HEB 180 (s = 1m)

The following figure shows the definition of crown (protective umbrella)
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Protection
Vault 1

Protection
Vault 2

The following figure shows some stages of the calculation.
Beginning vault 1

End vault 1

The following figure shows the water pressure distribution.

Impermeable media
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Protection
Vault 3

The following figure shows the distribution of plastic zones.

SAFETY FACTOR : 1.6
CASE 2: Study of a covered trench. Key Words: safety, internal stress,
backfilling, block falls, taking heat of hydration of concrete into account. The
creation of the model required 20 hours (including geology, gates, all construction
phases and introduction of contact elements). The following figure shows the final
state schematically.
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The following figure shows membrane forces and bending moments used to
design steel reinforcement.

Nd

Risk 1 : Steel reinforcement
design with (M, N, T)

Md
The following figure shows a view of the covered trench after the concreting
phases.
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The following figure shows the studies of the concreting stages taking into
account the hydration of the concrete (transient computation). Two cases were
studied: deshuttering after 3 or 7 days.
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CASE 3: Thermal Analysis of a RCC Gravity Dam during construction
(CIGB ICOLD Benchmark). Key Words: considering the heat of hydration of the
concrete, cofferdams, convective boundary conditions, transient calculation (time
dependent) taking into account the program of concreting. This study was carried
out in 60 hours (model, introducing all the stages of concreting, calculations, issue
of results, synthesis report). The following figures show the main data and some
results.
24

Thermal Analysis of an RCC Gravity Dam During Construction
CIGB ICOLD Benchmark made in 60 hours

The following figure shows the view of the cross section of the dam.

25

The following figure shows the results obtained for all participants listed.
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CASE 4: Back Analysis of a dam. Key Words: Alkali aggregate reaction, time
depending temperature, concrete cracks, estimate of the behavior for the next years.
The creation of the 3D model required 2 days. The following figures show some
results.

The following figure shows the comparison between computed and measured
temperatures.

The following figure shows the deformed mesh taking into account cracks (right
side shows the principal stresses orientation).
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CASE 5: Back Analysis and elevation of an existing dam. Key Words:
considering the heat of hydration of concrete, temperatures, effects of exposure to
sun, cofferdams, contact elements between the new and the old dam. The creation of
the 3D model for the elevation required 3 days (including introduction of calculation
stages, cofferdam elements and contacts.
The following figure shows some stages of the calculation.

The following figure shows the temperature distribution in the central section
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CASE 6: Study of a banded pipelines. Key Words: recreating the initial stress
state, study of support settlement, considering expansion joints, considering contact
elements and establishing of stress in the pipe. The following figures show some
elements of this study.

The following figure shows some details of the case study.
element 5521
element 1441
element 1897

6m
Principal stresses

Contact elements
between lining
and bands
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The following figure shows initial stress (MPa) according to original design
(1932).
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The following figure shows the old support and the modelling of the new one.
New design
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CASE 7: Complex concrete structure Key Words: Performance of the preprocessing, this complex structure needed 2 days for the meshing.

The examples of the studies carried out and presented briefly in this article show
the great flexibility in using Z_SOIL ® which covers nearly all types of civil works.
Finally, I will end this article on a personal note addressed to all people,
consulting engineers, companies, administrations, universities, which would like to
jump into using Z_SOIL ® in a near future. Based on my 15 years of experiences in
civil works and over 50 years of practical optimization experience of Bureau
d’Etudes Techniques Jean L. SARF, I can offer training and knowledge transfer to
anyone who wants to start saving time by using Z_SOIL as a pocket calculator .
The main difference between Z_SOIL and other software is that with Z_SOIL
you will have total control over what you are doing. So I hope that, after reading this
paper, you will soon join the Z_SOIL user club. If there is one essential thing that
should never be forgotten, it is that civil works are first designed by engineers with a
pencil. Then numerical modelling brings additional information, optimization and
checking of safety behaviour. However, while a good design will always lead to
good calculations, a poor design will not be fixed by calculations, although results
might still produce beautiful color plots, even on distorted meshes.

Reference: http://www.jeanlsarf.com/
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1 Introduction
In the last years very important underground works were carried out in Portugal,
namely underground stations from Porto and Lisbon Metro. This paper discusses the
development of the latest expansion plan for the Lisbon Metro network, as well as
the construction of Porto Metro, one of the largest works in developing in the
European Union.
In this paper we would like to emphasize the importance of the use of numerical
modeling for the design and behavior analysis of large underground stations. Two
cases are presented, the Marquês station from Porto Metro and Ameixoeira station
from Lisbon Metro [1, 2, 3].

2 The case of Porto Metro
2.1 Description of works
In late 1998 the Municipality of Porto took a decision to upgrade its existing
railway network to an integrated metropolitan transport system with about 70km of
track and 66 stations. 7 km of this track and 11 stations are located under the old and
highly densely populated city of Porto, an UNESCO world heritage site [4].
The construction of Porto Metro was developed in complex geotechnical granite
formations [5]. A KBS system named GEOPAT (GEOmechanical PArameters for
Tunnelling) was developed in order to obtain the main geomechanical parameters in
both rock or soil masses and also heterogeneous formations [6]. In the case of rock
masses, RMR, Q and GSI empiric systems are applied using data collected in the
field and some developed correlations. With this information the KBS system
obtains the geomechanical parameters of the rock mass through causal networks. For
soil formations results from in situ and laboratory tests are used for the calculation
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of the deformability and the strength parameters, taking into account the strain levels
interesting the serviceability of underground structures. For highly heterogeneous
formations a methodology using the RMR system was adopted in order to obtain a
probabilistic distribution of the GSI parameter. This methodology allows the
calculation of mean and characteristic values for strength and deformability
parameters.
The system was initially applied to Bolhão station of Porto Metro [6, 7] in order
to obtain the corresponding strength and deformability geomechanical parameters.
The results from the models using KBS parameters were compared to model results
with parameters used in design. The settlements observed during construction had a
better agreement with the results from KBS models.
2.2 Marquês station
The Marquês station belongs to the S line of Porto Metro network and connects
the University area of Asprela to Vila Nova de Gaia, about 8.6km long. This line
includes 7 underground stations and a 3.9 km tunnel, driven by two Herrenknecht
EPB (Earth Pressure Balanced) TBMs [5]. The work consisted of the excavation of a
main elliptical shaft and of two tunnels, diametrically opposed, and it is located in a
high historical and social valuable area, the old garden of Marquês de Pombal square
(Figure 1).
The shaft was constructed in order to minimize the occupied space and the social
impact. This solution allowed the excavation of the lateral tunnels, making the
totality of the boarding platforms and accesses, elevators, ventilation and logistic
structures within the shaft’s body. The shaft presents a longer diameter of 48m and a
minor of 40m, achieving a depth of 27m, with 1400m2 of area in horizontal
projection and approximately 37,800m3 excavation volumes. The ellipsis’ bigger
axis is aligned with the longer dimension of the square. The shaft walls present a
preliminary lining of shotcrete varying according with the depth.

Figure 1. Marquês station from Metro do Porto
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West tunnel

The two tunnels localized in the East and West sides of the station are 18m long
and a section of 180m2 (Figure 2). The transversal section of the tunnel presents
approximately 13m height and 18m width. The orientation of the tunnel axis makes
48º with the larger ellipsis axis.

Figure 2. Tunnels geometry
The station was excavated in a heterogeneous granite zone, in which a subvertical geological fault was found slightly oblique to the longer diameter of the
shaft. The station was built through grained two mica granite medium. It is crossed
by aplitic/pegmatite dykes which display less weathering. The weathering grades
that can be found range from fresh granite, W1 to a residual soil, W6 (Figure 3). The
spatial development of the weathered rock is completely irregular and erratic in
Douro valley. The change from one weathered zone to a good granite mass is abrupt
demonstrated by a W5/W3 fault defined with a orientation of N40º with a depth
80ºSE with a thickness of 0,6 to 0,7m slightly oblique to the bigger shaft
diameter.(Figure 3). A geotechnical survey to collect information about the ground
formations surrounding the station was performed. Measurements of readings done
by geophysical prospectors, lab and in situ tests were accomplished [3]. Before the
construction started the water level was at 6m depth but during the excavation of the
shaft a drainage system of several gravel columns was used and the water level was
lowered to the bottom.

Figure 3. Fault location and present geology
Medium values were attributed to characterize the geotechnical parameters of
each considered group (G2, G3, G4, G5, G6 and G7/sediments at surface level). The
rock mass was modelled using Hoek-Brown parameters and Mohr-Coulomb
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formulation. The information collected was inputted into the software GEOPAT [6].
To obtain the calculation parameters some assumptions were made such as an
average overburden of 27m and a k0=0.5, value usually used to Porto granites (Table
1). The use of the software FLAC3D obliged to convert the Hoek-Brown parameters
to a Mohr-Coulomb criterion, and therefore to prescribe a friction angle and the
cohesion [8], (Table 2).
Table 1. Obtained geomechanical parameters

Table 2. Converted geomechanical parameters

All the excavation made in the Marquês station was realized according to the
NATM/SEM method. The preliminary lining was composed by reinforced shotcrete.
The drainage was performed through holes and drains in the walls of the shaft and in
the galleries. The construction of the shaft began with a concrete ring of 1m high
and 0.6m large. The step of excavations was done in approximately 1.80m height
layers. This process began in the interior of the shaft in a way to maintain a lateral
bench in the border. The removal of the bench was made in two fronts, diametrically
opposed, in the anti clockwise way and in steps of 6 to 12m according to the ground
properties (Figure 4). After the excavation of each section, the preliminary lining
with shotcrete with steel mesh between was placed. Electronic detonators was used
on the strong rock mass. The primary lining has 0.4m thick with a steel rib included.
The final lining of 0.5m was applied to all contour and 0.7m to the ribs end.
3D complex models using software FLAC3D were developed for the shaft zone
[3]. These models considered the existing fault. A mesh with 8 parallelepiped zones
was conceived as shown in Figures 5 and 6. Fifteen excavation phases were carried
out to simulate the construction of the shaft. For the analysis of the galleries 2D
sequential models using software Phase2 were prepared. The contact G3/G5 has
been taken into account with a fault 0.65m thick. The mesh borders were defined by
a plane with width and height of 200 and 48m, respectively. The FEM was prepared
with triangles of 3 nodal points. The analysis plan was carried out in a 2D
gravitational field of tension. The ground has characteristics of a plastic and
isotropic material and the strength criterion used were both Mohr Coulomb and
Hoek-Brown.
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Figure 4. Stages 1 and 2 of the tunnel building process

Figure 5. Shaft 3D mesh

Figure 6. Final phase of shaft modulation

Regarding the support elements, linear elastic models were used for jet-grouting,
shotcrete and also for shotcrete with ribs. To simulate the convergence that exists in
the rock mass before the supports application, it was used the material softening
approach method. Some significant results are presented for the shaft and tunnels
main construction with emphasis for the final phase analysis (Figures 7 and 8).
Surface settlements at East tunnel are illustrated at Figure 9.
During the excavation a long campaign of instrumentation and monitoring was
performed to evaluate the structural behaviour of the existent infra-structures on the
surface and the structures associated to the station [3]. The project development was
permanently synchronized with the definition of constructive solutions that allowed
efficient and effective progress of work. In shaft elliptical structure surface and
structural settlements and convergences were monitored. The maximum obtained
values for the vertical and horizontal displacements were 35 and 25mm,
respectively.
To study the neighbouring structures behaviour the risk was examined in function
of local transverse settlement resulting of 3 different construction stages: lowering
of water level, shaft excavation and tunnels opening that allocate the entire boarding
area. The surrounding structures registered bigger settlements on the East fault side.
After 8m of shaft excavation the settlements average velocity was of 3mm/month
with a total resulting of 15mm at the end of instrumentation. On the West side the
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settlements were not so large totalling 4mm. Table 3 refers to comparison between
numerical and observed results. The maximum values obtained were pretty close to
observed ones.

Figure 7. Maximum final stresses in the
3D model

Figure 8. Final displacements in the East
tunnel

Figure 9. Surface settlements at East tunnel
Table 3. Obtained results related to observed ones
Maximum values
(mm)
3D model
Observed

Settlements
West East
5
15
5
35

Convergences
(mm)
24
25

3 The case of Lisbon Metro
3.1 Description of works
The construction of the Lisbon Metro started in August 1955. The initial network
consisted on a unique line, with a Y shape, comprising two distinct stretches. In the
last decade an important expansion of the Lisbon Metro network has been
performed. By the end of 1998 the network consisted on 4 independent lines, 40
stations and a total length of about 28 km. Figure 1 presents the Lisbon Metro
network.
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Figure 10. Lisbon Metro Network
Recently several extensions were constructed. The extension of the Yellow line
between Campo Grande and Odivelas stations, crossing the high densely urban area
of Lisbon and Odivelas, was the most important. It is about 5 km long and
comprises five new stations, a 2.7 km TBM tunnel, two tunnels constructed by the
SEM/NATM method with about 0.8 km long, two viaducts with an extension of
1.1 km and a terminal tunnel at Odivelas town were built. Figure 11 illustrates the
extension, where the stations and the access shaft are located.

Figure 11. Extension of the Yellow line

3.2 Ameixoeira station
The Ameixoeira station is located on Yello line [1, 2]. It is a very complex
underground structure that includes an access shaft with a 40 m diameter and 30 m
depth. The shaft was constructed in a sequential manner being the thickness of the
shotcrete support variable with depth (0.3-0.6 m). Before the excavation of the
station the TBM tunnel was constructed using a Lovat TBM-EPB shield. The station
comprises two naves surrounding this tunnel. In the vicinity of the station there are
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some important high buildings. In Figure 12 is illustrated the location of the
Ameixoeira access shaft.

Figure 12. Ameixoeira station. Access shaft
The ground comprises several formations, mainly Forno do Tijolo clay in the first
8m, followed by Entre-Campos limestones with a thickness of about 10m, Areolas
da Estefânea sand the next formation followed by Argila dos Prazeres clay. In situ
and laboratory tests were performed.
A monitoring system was implemented for the station and the surrounding
buildings that included the usual equipments for measuring displacements at surface
and in the ground, as well as water pressures.
In order to analyze structural behavior of Ameixoeira Station construction, two
types of models using the software from Itasca (FLAC and FLAC 3D) were
developed during the early stages of construction. An axisymetric model was first
developed to study the behaviour of the shaft during its construction. Then several
3D complex models were developed in order to analyze the structural behavior of
the station, considering the sequential excavation scheme used. The geotechnical
parameters adopted in the calculations, presented in Table 1, were determined based
on in situ and laboratory tests and criteria established at GEOPAT software. The
Mohr-Coulomb criterion was assumed for the different geotechnical layers. For the
sprayed concrete an elastic behavior was assumed, considering a Young modulus of
15 GPa and Poisson ratio of 0.25. The axisymetric model is presented in Figure 13.
The calculation stages were the following: i) initial equilibrium; ii) excavation and
concreting of the border beam (1 m height); iii) excavation and concreting of rings
with approximately 1 m height. The thickness of the rings varies with depth (0,3 –
0,6 m).
The 3D model contains 8 parallelepiped zones and shell structural elements to
simulate the sprayed concrete support in the tunnel and shaft. In Figure 14 is
illustrated a view of the grid used for model. The calculation stages for the 3D
model were the following [1, 2]: 1) excavation of the shield tunnel in about 90 m
long with a relaxing factor of 20%, obtained from several analyses done considering
the displacements observed at surface; 2) placement of the tunnel’s concrete support
releasing the 80% remainder forces resulting from the releasing of stresses; 3)
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excavation and concreting of rings in the shaft with approximately 1 m height; 4)
excavation of the naves in 3 m length sequences, according the constructive
sequence presented in Figure 15.
Table 4. Geotechnical parameters
E
ν
γ
k0
C’
φ’
(Mpa)
(kN/m3)
(kPa) (º)
A
85
0.35
20.5
0.8
70
35
B
500
0.35
20.5
0.8
100
39
C
110
0.35
20.0
0.8
20
35
D
250
0.35
20.0
0.8
250
30
Note: A – Forno de Tijolo clay; B- Entrecampos limestones; C – Areolas da Estefânea sand; DArgilas dos Prazeres clay; E - Young modulus; ν - Poisson ratio; γ - specific dead weight; k0 –
relationship between in-situ horizontal and vertical stresses C’ – effective cohesion; φ’ – effective
friction angle
FLAC3D 2.00
Layer

Step 8281 Model Perspective
20:21:18 Fri Jun 14 2002
Center:
X: 5.896e+001
Y: 4.136e+001
Z: -8.620e+000
Dist: 3.768e+002

Rotation:
X: 21.476
Y: 0.081
Z: 50.221
Mag.: 0.913
Ang.: 22.500

Sketch
Linestyle

U.R.G.C. Geotechnique
I.N.S.A. de Lyon

Figure 13. Axisymetric model’s grid

Figure 14. 3D model’s grid

Several numerical simulations were performed considering the geotechnical
parameters referred in Table 4. For the axisymetric model the displacements in a
radial plan for the excavation until the bottom of the shaft are presented in
Figure 16. The Figure also illustrates the calculated convergences for 3 different
levels (+76, +67 and +55). The maximum value obtained for the upper part of the
shaft, until level +76 is about 19 mm. However the maximum observed value at
level +73 does not exceed 7 mm. This can be explained by the fact that the
deformability of the ground formations is in general lower than the deformability
obtained in laboratory tests and by errors in the numerical analysis, etc. Considering
the involved simplifications the calculated values can be considered reasonable. For
the 3D models, Figure 17 presents the vertical displacements at the end of
excavation process referred in Figure 15.
Then final horizontal convergences calculated for section S2a for one of the 3D
models [1] were the following: superior section (2-3) – 11.5 mm; medium section
(4-5) – 21.6 mm and bottom section (6-7) – 17.0 mm. The maximum observed
convergence was about 10mm, within the same order of the corresponding estimated
value.
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Stage 2
1. Shotcrete
2. Roof excavation

Stage 1
1. Excavation
2. Metallic structure
3. Concrete
4. Jet grouting
5. Support

Stage 3
1. Jet grouting
2. Shotcrete
3. Excavation
4. Shotcrete

Stage 4
1. Shotcrete
2. TBM structure
removal

Stage 5
1. Excavation
2. Shotcrete
3. Shotcrete
removal

Stage 6
1. Excavation
2. Shotcrete
3. Support removal

Figure 15 Constructive sequence of the naves
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Figure 16 Calculated convergences at the shaft
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Level +55
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Interval = 5.0e-003

Sketch
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Vertical displacements

Figure 17. 3D model vertical displacements

4 Conclusion
In this paper the underground works of Porto and Lisbon Metro are described
briefly. A special emphasis is made for the Marquês station from Metro of Porto and
Ameixoeira station from Lisbon Metro. Some of the most relevant numerical
analyses performed at these stations are presented.
The paper point out that the 3D model results permitted a more realistic approach
to observed displacements of these underground works. The studies done at Porto
Metro contributed to a better knowledge of geomechanical properties of granites of
Porto, resorting to some methodologies of knowledge, as KBS.
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Short presentation of Loetschberg base tunnel
Switzerland is now building two major high-speed railway tunnels through the
Alps :
- the Gotthard base tunnel : 57 km
- the Loetschberg base tunnel : 34,7 km (which is connected to the existent Simplon
tunnel)
The traffic of freight through the Alps between Italy and Northern Europe is
always increasing. The Alpine Valleys are more and more affected by pollution of
the road traffic. To stop this unfavourable evolution, government and people of
Switzerland have decided to build two new alpine high-speed railway lines.
With the new Loetschberg-Simplon line the travelling time through the Alps
(North-South in the direction Basle-Milan) will be reduced by about one hour. By
the completion of these two tunnels Switzerland will be integrated into the European
high-speed network.
The Loetschberg base tunnel connects Frutigen in the Kander Valley (Canton
Bern, altitude : 778 m) to Raron in the upper Rhone Valley (Canton Valais, altitude :
656 m). The apex is situated at 828 m. The overburden reaches up to 2 000 m. The
tunnel is designed as a system with two twin single-track tubes.
But for economical and political reasons, only the Southern portion of the tunnel
will be fully completed in 2007. In the middle part from Frutigen to Ferden both
tubes are excavated but only the eastern tube will be fully furnished. In the Northern
portion only one tunnel is excavated while the exploratory gallery will serve as a
safety tunnel. It can be implemented in a future stage to create a direct link in
direction of the middle Rhone Valley through the Steg lateral adit.
The length of the Loetschberg base tunnel is 34,7 km, but the total length of all
the galleries is about 88 km.
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Figure 1 : Project overview

The tunnel is designed for the circulation of high-speed passenger trains (200250 km/h) and for transport of heavy goods vehicles with a 4 metres headroom
height (140 km/h).
The area excavated with drill-and-blast traditional method varies between 65 and
70 m2. The normal tunnel profile is a horseshoe shaped cross section. Invert is
necessary only on bad rock conditions. The rails are fixed on a concrete slab. Clear
water is separated from water from inside the tunnel to avoid pollution in case of
accident.
In the section excavated with a TBM, the diameter is 9,43 m. Both twin tunnels
are separated by a distance varying from 40 to 60 m. Transverse galleries are built
every 333 m.
The paper focuses on the construction of five large caverns at the Loetschen
intersection, where the Steg lateral adit meets the main tunnel.

Geology
The Northern section of the Loetschberg base tunnel is formed by Flysch (shales,
calcareous schists, sandstone) overlain by the Wildhorn nappe (limestone, shales,
sandstone). The Doldenhorn nappe is formed of hard limestone to marly limestone.
In this nappe the risk of karst with important water inflow was suspected. Before
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reaching the massive Gastern a short but difficult autochthonous zone of Triasic
rocks (dolomites, shales, gypsum, sandstone) was crossed. But after 500 m in the
granite, the Trias reappeared unexpectedly. It was followed by a Carbon zone
(schists) which gives very important convergence. Then the granite came back as
expected.

Figure 2 : Tunnel geological longitudinal section

South of Ferden the tunnel was excavated as planned in the old crystalline
(steeply dipping gneiss and schists) of the Aar massif. In the Aar massif a
sedimentary wedge (Jungfrau wedge) with water under high pressure (up to
100 bar), a Carbon trough and two phyllites are intercalated in the gneiss. In the
amphibolitic gneiss fractures with asbestos were regularly found of about 4 km.
Further South the tunnel crosses the granite of central Aar massif and the
Baltschieder granodiorite. On the last three kilometres the tunnel runs through the
Southern Autochthon (limestone and sandstone and Trias rocks) with a short old
crystalline section for the last 500 m.

Rockburst in the base tunnel
Due to the high overburden (up to 2 000 m) the risk of spalling and rockbursting was
expected in the granite and the granodiorite.
Rockburst and spalling can occur in massive rockmass of brittle rock under high
stress level. In the last 10 years the Canadian researchers (P. Kaiser, S. Martin,
M. S. Diederichs and al.) have done an important way in the comprehension of
brittle failure phenomenon.
The onion-skinning appears at the maximum point of stress. According to Kirsch
theory (1898) the maximal tangential stress at the tunnel wall is given by the
equation :
σtan stress = 3 σ1 - σ3
where σ1 and σ3 are the natural maximal and minimal stresses.
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Figure 3 : Onion-skinning at the tunnel wall, TBM drive Steg

In the Loetschberg base tunnel the natural principal stress is vertical so that
onion-skinning (spalling) appeared symmetrically in the side wall according to
theory. The onion-skinning initiated at the level of tunnel shield (4,5 m). The hazard
for the tunnel workers was reduced. There is no evidence of strong rock ejection
(rockburst) but strong acoustic emission has been heard during TBM stops.
Deep notches up to about 1 m have appeared and that gave problems to seat the
TBM grippers on the tunnel walls.
In the first TBM drive of Steg support was provided with 4 m Yielding-Swellex
bolt in association with wire mesh (over 220°) directly behind the TBM-shield (5 m
behind cutter head). Then in the zone of the back-up trailer 7 to 10 cm shotcrete was
applied on the mesh. But severe rockburst was not observed and the Client's
engineers decided to use conventional Swellex bolts for the parallel TBM drive of
Raron.

The caverns of Loetschen
The adit of Steg can be implemented in a future stage to create a direct link to the
middle Valais. For connecting this future railway line with the base tunnel, a giant
intersection cavern (L = 340 m, Wmax = 23 m) and a crossover between the two main
tubes, with two connecting caverns (L = 263 m, Wmax = 23 m), have to be built now.
And two other big caverns (L = 60 m, Wmax = 21 m) are necessary to install the
electro-mechanical equipments.
The caverns of Loetschen are located in the hard and massive granite of the
central Aar massif
The tunnel was driven with an open TBM first. Only when the tunnel was
completely bored, the contractor began to blast the five large caverns of the
Lötschen intersection.
The orientation of the electromechanical caverns is very important. During the
execution of some other caverns and small lateral galleries, we had several problems
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Electromechanical cavern
East
L= 60 m
Wmax = 21 m

Crossover cavern West
L= 263 m
Wmax = 23 m

Crossover cavern East
L= 263 m
Wmax = 23 m

Electromechanical cavern
West
L= 60 m
Wmax = 21 m

Junction cavern
L= 340 m
Wmax = 23 m

Figure 4 : Plan of Loetschen sector

with all the structure which were perpendicular to the tunnel axe. So we decided to
turn the cavern parallel to the tunnel, according to a proposal of Prof. Descoeudres.
A lot of spalling occurred in Loetschen zone during TBM-excavation. So IGWS
engineers decided to undertake a 3D-modelling of the caverns before the beginning
of the blasting to verify and adapt the previous support especially for the pillar of the
intersection and crossover caverns.

3D-Modelling of crossover cavern
The model of the crossover cavern is composed of twelve thousand six hundred
nodes. Due to the high overburden, the vertical load, 43 Megapascal, is quite
uncommon.
This model was developed at IGWS engineers joint-venture office by Mr. Regis
Marclay. The computation was always running during the weekend on a standard
PC.
One of the goal of the 3D-Modelling was to find the best excavation sequences,
which minimizes the plastification of the pillar zone and finally the support cost.
Its not possible to model all the excavation stages of such a large cavern. So the
final model is composed of four steps of unloading:
• The zones corresponding to the base tunnel, were discharged first,
between time one and time five;
• Then the pillar zone is excavated between time six and time nine;
• After that the crossover gallery is done, between time ten and thirteen;
• Finally the excavation of the cavern itself is modelled between times
fourteen and seventeen.
Exactly the same excavation sequence was performed in reality.
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Exactly the same excavation sequence was performed in reality.

Figure 5 : Model of crossover cavern

The computation showed that an eighty-meter long sector between the two
tunnels is plasticized. Around the cavern and the tunnel the plastification is very
deep, up to five meters. Hundred meters north of the pillar only a small elastic zone
remains between the two tunnels.
According to computation the pillar itself is completely plasticized. That is a very
unfavourable situation. So before the excavation of the pillar a very large number of
grouted anchors were installed to prevent that risk.

Figure 6 :Stress level 5m before the pillar of crossover caverns
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Five meters South of the pillar, the depth of plastification is about five meters on
the first and eight meters on the invert.

Figure 7 : :Stress level 5m beyond the pillar of crossover caverns

Prediction of the depth of brittle failure around the caverns
Prof. C. D. Martin and Prof. P. Kaiser have developed a criterion to assess the
depth of brittle failure around a circular excavation. They assume that in the brittle
failure process peak cohesion and friction are not mobilised together. So the depth of
brittle failure can be estimated by using a strength envelope based solely on
cohesion. This criterion has been expressed in terms of the Hoek and Brown
parameters with the frictional constant m equal zero and s equal zero point eleven.
This criterion was verified by Rojat on the base tunnel were deep notches were
observed.

Figure 8 : Mesh of electromechanical cavern with access gallery
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Figure 9 : Brittle failure prediction results transferred on an Autocad drawing

At the beginning the depth of brittle failure was estimated by hand by reading the
listing. It was quite long. So IGWS Engineers wrote a small basic software to
transfer automatically the results on an Autocad drawing.
The same type of calculation was performed for the two big electromechanical
caverns. The main problem of these caverns is the intersection with the access
gallery, which is in an unfavourable orientation according to the experiences in the
Loetschberg base tunnel.
The transfer was done on a 3D-drawing. This type of drawing was used to define
the length of the anchors.

Conclusion
The caverns of Lötschen were blasted without great difficulties. A very large
number of four meters-yielding-swellex-anchors were installed for the first support.
Then 1700 eight meters and 4900 six meters long steel rebar were grouted.
Only the access gallery to the large electromechanical caverns gave some
problems. We had to reinforce the support at some places due to excessive
displacement of the gallery walls.
The unconfined compressive strength of the granite was probably higher than
expected and we suppose that the tectonic stress induced a favourable confinement,
what has reduced the risk of rockburst.
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Abstract
The purpose of this contribution is to present some numerical simulations of
structures using Z-soil. Three recent structures are considered; first, the
strengthening of an existing stockade, then the new loading of a retaining wall and
finally the crack propagation in a concrete anchorage plate. Theses cases are
presented as well as the developed numerical models and the main results.
The numerical analysis with Z-soil was useful for all these practical applications.
First, it allows proving that the existing stockade has to be strengthened with a soil
anchorage. Then, it shows that the new loading of the retaining wall creates little
deflection and the safety against overturning is acceptable. Finally, the crack
propagation in the concrete anchorage plate allows demonstrating that the chosen
system was not safe enough.
For all these applications, the sensitivity of the numerical analysis is investigated
that allows showing that the type of the failure criterion modifies the safety factor
against overturning of the stockade, the size of the finite element mesh influences
the safety factor against overturning of the existing retaining wall and the flow rule
influences the carrying load and the crack propagation in the concrete anchorage
plate. Consequently, numerical simulations of structures with geomaterial have to be
undertaken with great care.

1. Introduction
Three different practical applications of the computer program Z-soil are
considered here:
• The rehabilitation of an existing stockade
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• The new loading of an existing retaining wall
• The crack propagation in a concrete anchorage plate
These applications are presented as well as the associated numerical model. It has
to be mentioned, that these are practical applications and that efficiency of the
computation is also one point to address. Therefore, finishing touches were not put
to the finite element mesh demonstrating the requirement for practical applications
of powerful type of finite element.
Another preliminary remark concerns the safety factor. All the numerical
simulations were performed using characteristic values of the soil and the load. The
safety factor was addressed in a global manner at the end of the computation.
Different safety factors for loading and resistance effects (required by the actual
standards) are not suitable for numerical simulations of structures with geomaterial
because the soil behaviour cannot be classified in loading or resistance effect.

2. Rehabilitation of a stockade
An old stockade overhanging Montreux had to be rehabilitated. The stockade is
composed of an old retaining wall made of stone and an overhanging concrete plate
for the pavement of the road as illustrated in Fig. 1. The retaining wall shows some
deflections and cracks. Furthermore, the concrete pavement has to be renewed.

Fig. 1: view of the existing stockade
The soil is composed of gravel with characteristics as presented in Tab. 1 and
rock underneath which is not reached. The traffic load due is 5 kN/m2.
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γ
[kN/m3]
20.5

Failure criterion
Gravel

Mohr-Coulomb

E
[kN/m2]
30’000

ν
0.35

φ
[°]
35

c
[kN/m2]
0

Tab. 1: material characteristics for the stockade model
The first analyse was to investigate the existing stockade with the finite element
mesh shown in Fig. 2.
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2
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FE MESH
t = 5.0 [day]
Z_SOIL.PC 2003 v.6.24 Expert License No: 04060301v62D Company : INGPHI SA
Author : Philippe Menétrey Date : 2005-12-17 16:51:16 File : C:\Zsoil\Collonge\publication\C actuel
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Fig. 2: mesh of the existing stockade
The stability analysis of the existing stockade was performed and it allows
showing that the safety factor against overturning was very little as it only reaches
1.1. The failure mechanism is shown in Fig. 3 (left). The first strengthening method
to be considered was to enlarge the foot of the wall. However, the failure mechanism
was more important as it is included the wall above as shown in Fig. 3 (right). The
resulting safety factor was slightly increased up to 1.2.
Consequently, the only way to increase the stability of the stockade is to add soil
anchorage. A little anchorage force of 400 kN/m allows increasing the safety factor.
The obtained failure mechanism is presented in Fig. 4.
It has to be mentioned that the failure criterion influences the stability analysis.
Using a Mohr-Coulomb failure criterion (smooth version according to Menétrey and
Willam [1]) the safety factor is 1.7. Using a Drucker-Prager failure criterion with
plain strain adjustment leads to a reduced safety factor of 1.5 as illustrated in Fig. 4.
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Fig. 4: failure mechanism of the stockade with soil anchorage
(left) Mohr-Coulomb SF 1.7; (right) Drucker-Prager SF 1.5

3. New loading on an existing retaining wall
The so-called CEVA project plans a new railway line in Geneva for connecting
the centre of city with Annemasse in France. Close to the Geneva station, this new
railway line follows existing retaining walls. This wall had to be checked for these
new railway loads.
The retaining wall is made of concrete, which is modelled as an elastic-linear
material. Other material characteristics are shown in Tab. 2. The mesh of the
retaining wall is presented in Fig. 5.
γ
[kN/m3]
20.0
22.0
23.0

Failure criterion
Backfill (mat. 2)
Silt (mat. 3)
Gravel (mat. 4)

Drucker-Prager
Drucker-Prager
Drucker-Prager

E
[kN/m2]
30’000
60’000
80’000

ν
0.3
0.3
0.3

φ
[°]
30
26
45

c
[kN/m2]
5
40
10

Tab. 2: material characteristics for the existing retaining wall model
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Fig. 5: existing retaining wall under railway loads
The deflection under service load of 30 kN/m2 is presented in Fig. 6. It could be
noted that the deflection is reaching 9 mm under the new railway line and the
settlement of the wall was reaching 2 mm. The requirements to avoid overturning of
the railway line are therefore controlled.
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Fig. 6: deflection of the existing retaining wall under railway loads
A stability analysis was performed and the failure mechanism is illustrated in Fig.
7. This computation allow showing that the existing retaining wall under the new
loading has a safety factor against overturning of about 1.5.
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Fig. 7: failure mechanism for a fine mesh SF 1.5
(left: intensity of displacement; right: increase of displacement vector)
However, with a coarse mesh, the obtained safety factor was 1.7 as presented in
Fig. 8 instead of the 1.5 obtained with the dense mesh. This demonstrates once more
the influence of the mesh density. In this case, the difference is probably due to the
thin layer of backfill (material 2) under the retaining wall.
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Fig. 8: failure mechanism for a coarse mesh SF 1.5
(left) intensity of displacement; (right) increase of displacement vector)

4. Crack propagation in a concrete anchorage plate
The erection procedure of bridge using hydraulic jack to slide the bridge deck
requires anchorage structures that are particularly safe. The anchorage structure for
the sliding of the Trient railway bridge is considered here. An overview of the
concrete anchorage plate is presented in Fig. 9. The anchorage plate is analyzed with
Z-soil in order to investigate the safety of concrete plate. A two-dimensional plain
strain computation is performed with the mesh presented in Fig. 10.
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Fig. 9: overview of the anchorage plate for sliding bridge
The numerical simulation is performed using the concrete modelled developed by
Menétrey et al. [2] and implemented in Z-soil. The model was developed to
reproduce the different states of stress characterizing punching failure so that the
triaxial failure criterion developed by Menétrey and Willam [1] was considered. The
dilatancy observed experimentally is matched with a non-associated flow rule. The
concrete cracking phenomenon is described with the smeared crack model using the
strain-softening formulation. The fictitious crack model developed by Hillerborg et
al. [3] is considered for which the reduction of the tensile stress σt is controlled by
the crack opening w along the line of an exponential decohesion process. The
fracture energy defined as the amount of energy absorbed per unit area in opening
the crack from zero to the crack rupture opening wr, which is invariant with the
finite element size. The simulation of localized concrete failure requires the
dependence on the finite element size that plays the role of localization limiter. The
brittleness of failure and the state of stress are linked with a fictitious number of
cracks.
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Fig. 10: mesh of the anchorage plate
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The crack propagation in concrete is presented in Fig 11. The numerical simulations
allow showing that the prestressed reinforcement increases the confinement and the
carrying load. However, the chosen system was not safe enough as the failure load
was approaching the service load. The anchorage plate system had to be modified.
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Fig. 11: crack propagation in the anchorage plate
(plastic flow: Menétrey and Willam [1] with 10° at the compressive meridian)
It has to be mentioned that the failure load was reaching 1634 kN/m with a plastic
potential following the Menétrey and Willam [1] (denoted as Hoek and Brown (MW) in Z-soil) with an angle of 10° at the compressive meridian. However, with an
opening angle of 20° at the compressive meridian, the failure load was reduced up to
891 kN/m and the corresponding crack propagation is presented in Fig. 12.
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Fig. 12: crack propagation in the anchorage plate
(plastic flow: Menétrey and Willam [1] with 20° at the compressive meridian)

5. Conclusion
Three different practical applications of the computer program Z-soil were
presented: the strengthening of a stockade, the loading of an existing retaining wall
and the crack propagation in a concrete anchorage plate.
All these examples allow showing the utility of the Z-soil computations. First, it
allows proving that the existing stockade has to be reinforced with a soil anchorage.
Then, it shows that the new loading of the retaining wall creates little deflection and
the safety against overturning is acceptable. Finally, the crack propagation in the
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concrete anchorage plate allows demonstrating that the chosen system was not safe
enough.
For all these applications, the sensitivity of the numerical analysis is investigated
that allows showing peculiar behaviour. The type of failure criterion modifies the
safety factor of the stockade, the size of the finite element mesh influences the safety
factor of the existing retaining wall and the flow rule influences the load level and
the crack propagation in the anchorage plate. Consequently, numerical simulations
of structures with geomaterial have to be undertaken with great care.
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1.

Introduction

In this paper some applications of finite element method in the field of Dam
Engineering are presented. Different modules of Z_Soil software were used based
on the type of the calculation.
In Chapter 2, different types of thermal analysis of the dams are discussed and for
each case examples are presented. In Chapter 3, an embankment dam is presented as
an application for seepage problems. Finally in Chapter 4 an example of tunnel
lining calculation is discussed.

2. Thermal Analysis of Concrete Dams
The type of analysis to be carried out nowadays in the domain of concrete dams
can be categorised into two main groups: a) Existing dams, b) Design of new dams.
In the case of the existing dam, back analysis is usually performed to verify
proper behaviour of the structure. An important part of the back analysis of dams
deals with temperature variation inside the structure and related thermal stresses and
displacements. This can be done by correlating the temperature measurement
readings with the results of a numerical model simulating the variation of
temperature on the boundaries and thermal characteristics of the dam.
Whereas for the new dams, the design of the structure should be carried out based
on static and dynamic analyses. Temperature load case plays an important role in
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determining maximum stresses in the dams. Special care should be given to the
variation of water temperature and reservoir level variation. Usually two load cases
should be considered taking into account maximum (summer) and minimum
(winter) temperature load cases, causing usually maximum thermal compressive and
tensile stresses on the dam faces, respectively.
Another important thermal analysis for new dams focuses on the construction
details and temperature control measures. For the final design of the dam, hydration
heat produced by the concrete setting process have to be considered in order to avoid
thermal cracking of the new concrete. Additionally, the grouting of the vertical
contraction joints has to be performed in a way to respect the design closure
temperature as well as the project schedule, particularly for arch dams. In both cases
construction schedule and temperature control measures are adapted so that all
thermal aspects of design criteria are satisfied.
Obviously, the most complicated case is the combination of all issues abovementioned, which is the case of heightening or important rehabilitation of existing
dams. In the following chapters some examples of thermal analysis of dams are
discussed and the results are presented.

2.1.

Back Analysis

Thermal back analysis can be carried out using two different approaches: (a)
Analytical solution to heat transfer equation using average temperature curves, (b)
Finite Element transient thermal analysis using real measured temperature curve. For
the following examples of thermal back analysis of dams Time-dependant (transient)
thermal module of Z_Soil.PC 2003 was used.
The Spitallamm and Seeuferegg dams are parts of an important scheme on the
upper course of the Aar River in the central part of Switzerland. The whole scheme
includes seven dams, nine powerhouses with pumping-generating capacities, eleven
reservoirs and many km of pressure tunnels and pressure shafts, resulting in a quite
complicated and versatile hydroelectric system owned by Kraftwerke Oberhasli Ltd
(KWO). The Spitallamm dam impounds, together with the Seeuferegg dam, the
Grimsel reservoir. Whereas the Spitallamm dam consists of a circular arch-gravity
structure with a maximum height of 114 m, a gravity type dam has been chosen for
the 42 m high Seeuferegg dam. The main goal of the back analysis is to verify the
thermal behaviour and parameters of the both dams in the framework of a
heightening project of the Grimsel lake [1] and [2].

2.1.1. Spitallamm Arch-Gravity Dam
Constructed between 1928 and 1932, the dam, with its maximum height of
114 m, presents a cylindrical shape with a near vertical U/S face (10V:1H) and a
1V:0.5H D/S face (Figure 1). To insure the impermeability of the dam, the upstream
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face was provided with higher cement content while the dam body was built using
mass concrete.

1a

5
3a

Figure 1. Situation layout and cross section of Spitallamm arch-gravity dam.
Thermal calibration of Spitallamm dam has been performed by comparing the
results of the transient analysis and the thermometers readings. Considering the
shape and the orientation of the Spitallamm dam with respect to the sun and also
being an arch dam, solar radiation heating effects vary with the different dam
sections. Therefore, the thermal analysis has been carried out on three 2-D sections
with different orientations, Figure 1. For each section a preliminary case is first
analyzed without considering the effects of solar radiation. Then based on the
differences between the calculated and thermometer reading values, the solar
radiation can then be estimated. Since the temperature rise due to the solar radiation
is different on the upstream and downstream faces and on the dam crest, a few
iterations were required to reach the optimum boundary temperatures so as to
properly simulate the temperature field within the dam. The results of the thermal
back analysis for one of the 2-D sections are presented in Figure 2.
It should be mentioned that thermometers close to the surface could be affected
by daily or weekly variations of ambient temperature. Additionally, it is possible
that due to surface cracking some thermometers close to the upstream face of the
dam are in contact with the reservoir water. Therefore, the adjustment of the
boundary temperatures is carried out mostly based on the results for the most
interior thermometers.
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Figure 2. Back analysis results comparing the calculated and measured
temperature in the dam.
The temperature field of the dam calculated for different moments verifies the
thermal properties of the concrete used for the calculation as well as the thermal
loads and the solar radiation effect. Effect of the solar radiation was found to vary
for different sections, ranging from 1 to 3 °C for summer and 3 to 5°C for winter.

2.1.2. Seeuferegg Gravity Dam
In the case of Seeuferegg dam, it is assumed that the effects of solar radiation can
be considered constant over each face of the dam. Hence, only one 2-D section,
Section 5a-6, was analysed. Figure 3 shows the selected section and position of the
thermo-couples.

Figure 3. Position of Thermometers in Block 5-6a of Seeuferegg Dam.
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Since the terrain factor for Seeuferegg dam is negligible and the dam is exposed
to the sun almost in the same manner throughout the year, the effects of solar
radiation are assumed to be not distinguishable between summer and winter.
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Figure 4. Comparison of calculated and measured temperature values of
Thermometers in Block 5-6a of Seeuferegg Dam.
Figure 4 shows the comparison of the calculated temperature with thermocouples measurements. As it is usually the case for such analysis, the correlation for
thermometers close to the dam surface is not very accurate, since they can be
affected by some small superficial cracks. The rise of temperature due to solar effect
is estimated 6 °C and 2°C for upstream and downstream faces, respectively.

69

2.2.

Analysis During Construction

Thermal analysis during construction focuses on the development of temperature
due to hydration heat of cement during setting process of the concrete. Two
examples are briefly presented in this chapter.

2.2.1. Picada RCC gravity Dam
Picada Hydroelectric Power Plant Project dams the Peixe River flowing in the
State of Minas Gerais in Brazil. The job site is located at approximately 40 km west
from the city of Juiz de Fora. It takes advantage of a 128 m water head to yield a
51 MW energy production. The project enjoys an RCC gravity dam with height of
27 m, crest length of 97 m, RCC volume of 12’600 m3 and CVC volume of
4’400 m3.
The ambient temperature at site has been chosen variable through the year
between 16°C (June to August) and 22°C (December to February). The construction
begins in August over 45 days assuming one RCC layer per day. The adiabatic
temperature rise of the cement assumed is 13.5°C/(100 kg cementitous content),
corresponding to a Portland Blast Furnace Slag cement. The air convection surface
coefficient has been selected as 20 N/(m.s.°C). This figure accounts for an average
wind effect of 10 km/h.
End of construction

2 months later

1 year later

661 masl

634 masl

Figure 5. Temperature distribution in Picada dam during and after construction.
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The computation has been run with a selected time step of 0.1 day (2.4 hours)
during construction and progressively from 1 to 5 days once the dam is completed.
The overall time period considered in the computation is one year. The placement of
two RCC layers per day has been considered, 6 days a week. This yields an overall
dam construction time of 46 days.
With a placement temperature assumed at 25°C, the results show that in the
central section of the dam, the temperature rise due to the hydration heat is almost
adiabatic, and the temperature rises up to a maximal value of 44.0°C, Figure 5.

Figure 6. Temperature placement sensitivity analysis.
Considering a placement temperature of 16°C or even 30°C does not significantly
alter the temperature development, Figure 6. The trend of the three curves is very
similar, with peak values reaching 45.2°C, respectively 44.2°C and 42.1°C for a
placement temperature of 30°C, respectively 25°C and 16°C.It is therefore inferred
that the placement temperature does not play a significant role on the peak
temperature value. Given its limited volume and thin depth (30 cm), the fresh and
recently placed RCC layer is sensitive to external temperature conditions and thus
cools down before the hydration heat fully mobilises, thanks to the low ambient air
temperature prevailing in August (16°C).
It should be mentioned that in the mid-height of the dam, where temperature
reaches almost 45 °C, a 9 m high test block performed for research reasons using
high strength RCC was foreseen with a cementitious content varying between 200
and 240 kg/m3. Otherwise, such high temperature rise in a normal RCC gravity dam
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is unusual. In the other parts of the dam a low cement RCC with 8 MPa strength was
used.

2.2.2. Seeuferegg Gravity Dam
In the framework of KWO+ project, 23 m heightening of Seeuferegg dam has
been foreseen. The heightening of this gravity dam is performed on the upstream
side by adding a hollow gravity part to the existing dam, see Figure 7.
The evolution of temperature during construction of Seeuferegg Dam is studied
by conducting transient thermal analysis considering hydration heat of the cement
and ambient temperature variations. The results of this analysis are to be used to
verify construction schedule with respect to the joint grouting schedule, necessity of
pre- and post-cooling and to determine the potential of cracking by performing
thermo-mechanical analysis.

1931.74 masl

Different variants for buttress width
23 m Heightening
11.0 m

8.0 m

11.0 m

5.0 m

Existing concrete
New concrete

Figure 7. Heightening of Seeuferegg Dam, different variants.
Construction schedule criteria are defined to respect minimum horizontal, vertical
and horizontal time interval between concrete lifts, i.e. 3 days. The construction of
Seeuferegg Dam lasts 14 working months during 3 years, assuming 5 working days
per week and concreting two blocks per day. 3-D FE modelling is carried out
simulating concrete hydration heat and construction schedule of the three central
blocks.
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In most parts of the dam, maximum temperature occurs after 3-4 days in the
centre of the block. The temperature rise is almost the same in all elevations,
between 24°C and 25.5°C, except in the beginning of the concreting seasons where
the effect of boundary conditions is considerable. Variation of the vertical time
interval in different elevations can affect the maximum temperature rise. Therefore,
it can be said that having 3m-height concrete lifts, the temperature rise in the centre
of the block is almost adiabatic.
Since the calculation is conducted assuming concreting against the existing dam,
a local temperature rise can be seen in the existing concrete close to the interface. In
the early days after concreting, the temperature increase can be more than 25°C.
Temperature rise on the upstream surface is much less, maximum 10°C, and after
few days follows the ambient temperature variations. Hence a noticeable thermal
gradient occurs between the centre of the block and upstream surface as well as
interface with the existing concrete. The maximum thermal gradient between the
interior and the surface reaches 21.5°C few days after concreting while two years
after construction in the beginning of the summer, the effect is reverse and thermal
gradient can reach (–12.2°C) which means the temperature on the surface is higher
than the interior of the dam due to the seasonal ambient temperature variations.
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Figure 8. Evolution of temperature in the new part of the dam during construction.
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In all elevations, rapid temperature rise followed by rather quick natural cooling
from the top free surface can be observed during the first few days, before
concreting of the upper concrete lift, Figure 8. This shows again the importance of
the vertical time interval between concrete lifts. A slight temperature increase occurs
due to upper concrete lift and then natural cooling continues, mostly through lateral
sides. For the lower part of the dam, up to Elevation 1900 masl, natural cooling
proceeds from the upstream face and through the cavities (if they are open), while
for the upper part of dam (above the existing dam crest) cooling can be fulfilled
from both upstream and downstream faces. Therefore, from thermal point of view,
the critical zone during construction is between Elevations 1900 masl and 1911.84
masl. On the other hand, natural cooling in this zone lasts longer than the other parts
of the dam. This can be improved by modifying the conduction schedule in order to
increase the vertical time interval between lifts or by re-grouting the joints in the
next season when the concrete is cooled down to the closure temperature. In this
case, regroutable pipes should be installed in this zone.

3. Back-analysis of an earth-fill dam
The following example presents utilisation of Z_Soil for a back-analysis of
underground flow of Wadi Meneghin dam. The dam is a 38 m high, concrete face
rock-fill structure, located approximately 70 km South-West of Tripoli. It was
constructed in 1972, for purpose of irrigation and flood control. The dam body is
formed of rockfill and is made watertight by the provision of a reinforced concrete
slab on the upstream face. The upstream concrete membrane connects to a concrete
cut-off wall formed of “Benoto” piles. There is also a grout curtain extending below
the concrete cut-off. The upstream face is formed in four planes with slightly
different slopes ranging from 1 : 1.3 (V : H) at the toe to 1 : 1 at the crest. The
downstream face is formed at a slope of 1 : 1.4 (V : H) but also incorporate three
intermediate berms.
In February 2003, water was observed flowing in the Wadi, downstream of the
dam. In order to identify cause and improve water tightness a series of piezometers,
set in pairs a short one and a long one, have been placed in the dam profile and six
of them have been used for back-analysis here presented (Figure 9).
P5

P5.1

P2

P2.1

P8.1

P8

Elevation (masl)

228.23

241.48

227.22

240.67

223.00

223.00

W.L. (measure)

248.30

248.00

248.80

247.80

249.20

255.30

Table 1. Piezometers readings at low water level (May 2004).
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Figure 9. Wadi Megenin dam: geometry of the seepage domain, materials and
position of piezometers.
A series of piezometers readings have been carried out starting from December
2003 up to the middle of 2004. Here presented results corresponds to the low water
level (May 2004) for which piozemeters readings are given in Table 1. Upstream
water level was at 268.77 masl and downstram at 247.00 masl.
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Figure 10. Pore pressure distribution.
Based on a preliminary laboratory results, the water permeability of all materials
were known with some incertitude. Therefore, the first part of the study was to
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calibrate the water permeability of the materials (Figure 9) based on above shown
pore pressure measurements.
Figure 10 presents numerical results of the pore pressure distribution over the
domain. The final results of the calculations in terms of difference between
measurements and calculated water height in the considered piezoemeters are
presented in Figure 11. Piezometers P5 and P5.1 and P2 and P2.1 are presented by
mean values since they are constructed on the same section (Figure 9). It can be seen
that there is very good correlation between measured and calculated values; the
biggest difference is less than 0.5 m.
Based on a such back-calculation, we find out water permeability of related
materials and thus we find precisely water outflow below the dam. Integrating the
outflow over the dam length we found total lost of 3.50 m3/day. This value is largely
smaller than in-situ observed indicating that the most of water loosening do not
happens below the dam.

Calculs - measurements [m]

1

0

-1
P5mean

P2mean

P8.1

P8

Piezometers No [-]

Figure 11. Difference between calculated and measured water height in the
piezoemeters.
The above study initiate an additional study concentrated on water outflow lateral
of the dam. The study shows that most of the loosening happens laterally and
consequently rehabilitation measures were proposed.

4. Numerical modelling of tunnel lining
In addition to the above presented thermal analysis of Seeuferegg and Spitallamm
dams, will be presented an analysis of so-called appurtenant structures, which are
part of KWO hydroelectric system. The whole system covers a huge catchments
surface, seven dams and nine powerhouses with pumping-generating capacities
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linked with many kilometres of tunnels under very high internal and external
pressures.
Internal pressure acts during most of the time, i.e. operation of the tunnel while
external pressure becomes very important only during empting of the tunnel, when
internal pressure is almost zero. In such loading case, the tunnel lining should satisfy
the following design criteria. First, to prevent failure of the lining and water
loosening due to internal pressure and second to prevent buckling of the lining due
to an important external pressure.
In order to support high tensile stresses in the lining an internal steel lining is a
very common solution. However, due to the external pressure and possibility of the
lining buckling some additional measures must be taken into account. The following
example presents a finite element analysis of a steel reinforcement of two galleries
junction – called Kapf.
Design of the lining of the junction Kapf has been done by few iterations in order
to optimise dimensions of the lining and stiffening rings. It should be noted that
lining of existing tunnel has been designed and constructed as self-supporting.
Moreover, according to technical specifications imposed by KWO (Table 2), lining
of the new tunnel has to be designed as self-supporting as well.
Diameter of existing gallery

3300 mm

Thickness of the existing gallery lining

8 mm

Diameter of new gallery

3600 mm

Diameter of junction existing-new gallery

3300 mm

Radius of the junction

9400 mm

Thickness of new gallery lining

12 mm

Maximal internal pressure

58 mCE

Dynamic pressure

70 mCE

Maximal external pressure

4 bar

Table 2. Technical specifications of two tunnel junction - Kapf.
Assuming a stiffening ring 150 x 15 mm spaced 1500 mm we calculate the
critical external pressure for stiffener rings including effective width according to
Jacobsen’s theory [3] to be 1.81 MPa. The critical external pressure for shell
between rings has been calculated according to Mises to be 1.02 MPa. However, in
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the zone of junction of two tunnels, the stiffening rings have been designed to resist
to a part of internal pressure as well. In other words, the rings have to support a part
of the internal forces that has not been tunnel lining [4].

Figure 12. Finite element mesh.
In addition to that, a 3D finite element analysis has been carried out by using
Z_Soil and its beneficial pre and post-processing capabilities. As can be seen in
Figure 12, a complex geometry of the tunnel junction lining has been simulated
using 3D solid elements with three un-known in each node: displacement in three
directions: ux, uy and uz. In order to simplify pre-processing and to diminish
calculation time, we used the symmetry and a only a half of the domain has been
modelled. For the analysis we assume elastic behaviour of the tunnel lining, with
elastic limit of 355 GPa and theory of small deformations.
It should be noted that the analysis has been carried out for internal and external
pressures. Since the internal pressure gives the most critical stresses and strains in
the lining here will be presented only results of this analysis.
Principal stress σ1 and principal strain ε1, calculated for dynamic internal pressure
of 700 kPa are presented in Figure 13. It is clear that in the zone of closed tube, the
principal stress acts on the radial direction with a maximal value of 97 MPa.
However, in the junction zone repartition of the principal stress changes and it
increases considerably up to 160 MPa. Also, in a zone of cone introduction, the
principal stress increase as well. The major principal strain is in the range of
5.5 × 10-4.
The above presented analysis shows that stresses and strains of the designed
tunnel lining are in acceptable range. The results clearly show zones of the stress and
strain concentration, which do not influence the lining stability.
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Figure 13. Principal stresses: a) the maximum principal stress, σ1 and b) the
minimum principal stress σ3.
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5. Conclusions
Some examples of the application of Finite Element Method using Z_Soil software
are presented and discussed.
User-friendly features and strong pre- and post-processors allow modelling more
precisely the geometry, loads and other issues dealing with numerical modelling.
However, engineering judgment and simple hypotheses based on the practical
experience play a very important role in the domain of dam engineering and it
should be always considered in the design and construction of such structures.
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Abstract
Thanks to a sophisticated hydro-mechanical finite element modelling, it has been
possible to model the mechanical behaviour of a large slope movement, the
Triesenberg landslide. This slope is located along the Rhine valley in the
Principality of Liechtenstein on an area of around 5 km2 and includes two villages.
The obtained results through numerical simulation are close to the monitored data,
in terms of peak velocity, distribution of velocity with time and space and total
displacements. Such results are reached using an appropriate constitutive model, the
Modified Cam-Clay elasto-plastic model, and when carefully carried out
geotechnical tests supply all the required material parameters. These modellings
have been carried out in 2 and 3 dimensions in order to gradually improve the
understanding of the physical phenomena governing the movement of the slope.

1. Introduction
This study concerns the qualitative and quantitative finite element analyses of the
movement observed on a slope along the Rhine valley in the Principality of
Liechtenstein. The numerical simulations are made thanks to the finite element code
Z_SOIL® 2D and 3D (Version 6.24) [1]. The infrastructures related to two
important villages (Triesen and Triesenberg) located on this mountainside are
subject to significant damage induced by the movements during critical periods. A
hydro-mechanical modelling is used to understand the main causes and mechanisms
of the phenomena. It includes two steps: (i) Preliminary 2D simulations in order to
calibrate the model parameters and to evaluate the effects of some hypotheses on the
boundary conditions followed by (ii) 3D simulations to enlarge the understanding of
the process and obtain a 3D distribution of the movements.
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The finite element modelling is a very advanced and performing method to
understand the global mechanical behaviour of such large landslides. According to
the authors’ knowledge, it has rarely been performed in the past for such a scale. The
same kind of calculation for a large landslide in the Vaud Canton in Switzerland,
namely the La Frasse landslide, was carried out [2]. A similar methodology has been
used in this present study; however the major difficulties of the modelling of
Triesenberg landslide are related to the huge area of the instability, the unsaturated
conditions of the slope and the relatively low velocity of the movement during
crises. These different points require a very precise and accurate study of the
phenomena in order to reproduce as well as possible the real physical observable
facts to be able to find engineering solutions.
Different preliminary in-situ investigations have been done. In particular,
inclinometer and GPS data were used to follow the distribution and the intensity of
the observed movements with time. This information was very useful to calibrate the
numerical mechanical models. Moreover, piezometer and flow data were also
available. Several soil samples have been extracted in different boreholes distributed
in the slope. The geotechnical laboratory tests were performed in order to assess the
mechanical properties of the material forming the slide [3].

2. Main features of the landslide
The study of such phenomena requires a multidisciplinary approach [4]. The
modelling of the mechanical behaviour is a small part of a more global investigation.
So, it is necessary to get a global view of the main features of the landslide in order
to understand the observed displacements of the slope which result of the
contribution of several coupled effects (meteorology, topography, geology,
hydrogeology, geotechnique).
The general features of the landslide are reported in Table 1 [5].

2.1. Morphology and geometry
The topography of the slope has been studied and modelled by digital terrain model.
The slope line has a mean inclination of 24° and is oriented from North-East (up) to
South-West (down). This slope presents some small waves but is generally quite
continuous (Figure 1).
Morphologically, the unstable area can be divided in two main parts. On the one
hand, in the upper part, a series of subsidence phenomena occurred in the past. It is
marked by the terrace in the topography at the top of the slope (Figure 1). This
ancient instability phenomenon is now almost stabilised and very small movements
are now observed in this part. On the other hand, the active slide takes place on a
slip surface located at an average depth of around 10 - 20 m. The inclinometer data
show a very clear, approximately one meter thick, slip surface (Figure 2). The
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subsidence zone gradually vanishes below the slide itself. The influence of this
upper part on the general movement of the slope has been studied by preliminary 2D
modelling (see section 4). It leads to the conclusion that the old subsidence zone is
not a driving force inducing the instability. This upper zone simply follows the
movement of the lower part. The longitudinal profile along the line used for the 2D
modelling is represented in Figure 1.
Aspects
Name
Country
Area
Altitude (min/max)
Total length
Total width
Mean depth
Volume
Mean inclination
Velocity
Bedrock
Soil
Vegetation
Methods of investigation
Possible damage

Characteristics
Triesenberg
Principality of Liechtenstein
+/- 5 km2
460 m / 1503 m a.s.l.
2300 m
1500 – 3200 m
10 – 20 m (active slide)
+/- 75 millions of m3
24°
0 to 3 cm / year
Schist, limestone, sandstone and flysch
Elements of limestone, sandstone, dolomite, flysch and
quaternary deposits in a clayey silt matrix
Pasture land and some wooded zones
Hydrogeology, Boreholes, GPS, RMT, Geophysical methods
and modelling
Infrastructures of two villages

Table 1: General features of the Triesenberg landslide [5]
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Figure 1: Morphology of the landslide along a longitudinal
cross section
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Figure 2: General trend of
inclinometric profile.
Inclinometer KL1A from
December 1996 to March
2000

A preliminary 3D analysis of the intensities and the directions of the movements
(Figure 3) leads to define three quasi independent instability mechanisms. Moreover,
this first assumption can be confirmed by several additional observations [6]:
-

Three distinct active zones are present on the slope, with fairly well defined
limits.
The general shape of all the instability phenomena is curved while the directions
of the movement are almost but not quite parallel.
The profile of the depth of the slide along a transversal cross-section shows three
bowl-shaped parts (Figure 4). So, the crests between the three bowls, in this
figure, should correspond to the boundaries between each independent slide.
Finally, the topographic contour lines present three bulgings separated
approximately by the same boundaries as the ones considered in the previous
point.

All these points confirm the preliminary hypothesis of three quasi independent
slides. Therefore, for the 3D modelling, three distinct areas will be considered, with
three separate calculations.

2.2. Hydrogeology
The detailed hydrogeological analyses and modelling have been made in a separate
study by the Laboratory of Engineering and Environmental Geology (GEOLEP) of
EPFL [3]. The transient simulations of water flow in the slope with an appropriate
software, FEFLOW® [7], were carried out to determine the pore water pressure
field everywhere in the slide. This pressure field, computed according to several
assumptions during a crisis event in the year 2000, is considered as input values in
the geomechanical simulations with Z_SOIL®. So, two successive and distinct
simulations (a hydrogeological and a hydro-mechanical simulation) have been made.
In this paper, only the second one is addressed.
The permeability of the materials constituting the slope is very heterogeneous. The
average coefficient of permeability can be assessed to around 10-6 m/s. Nevertheless,
in the upper parts several permeable channels exist in the landslide mass as it was
inferred from the geophysical campaigns carried out by Riccardo Bernasconi,
consulting geologist, and GEOLEP [5]. This induces a drainage of the water from
the upper to the lower zone of the slope. The level of the water table is thus quite
low at the top of the landslide (20 m or 30 m below the soil surface) whereas in the
bottom of the slope, this water level is almost reaching the surface.
The hypotheses made to introduce these hydrogeological data in the hydromechanical simulations are presented in section 4.1
Figure 3: Morphological analysis of the slope and division of the instability phenomena
into three independent slides
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Figure 4: Analysis of the variation of the depth of the slide along a transversal crosssection

2.3. Movements
The distribution of the surface movements is quite heterogeneous. Inclinometers
have been used to locally measure the intensity of the movements in the short term.
An example of inclinometer data in the more active zone is reported in Figure 2.
Moreover, a comparison of coordinates between old topographic data (1976-1981)
and more recent GPS measurements (1996-1997) has been carried out to evaluate
the medium term displacements. The distribution of these displacements is
illustrated in Figure 3. One can thus observe three more active zones, two at the top
and one in the middle of the slope.
The yearly observation of displacements shows a close dependence of the
movements with the seasons. A reactivation is generally perceived in the spring,
which corresponds to the snowmelt period. This indicates that the main driving force
of the movements is the variation of pore water pressure in the slope.
The estimated range of velocity of the observed movements is reported in Table 2.
Term
Medium term
Short term
Exceptionally

Considered period
> 20 years
+/- 1 year
< 1 month

Velocity
From 0,5 to 3 cm per year
From 0,1 to 4 cm per year
Until 6 cm per year

Table 2: Order of magnitude of the observed velocity of the landslide movements

2.4. Materials
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Several samples of soil have been extracted at different locations in the slope near
the slip surface (but not necessarily inside the slip surface zone, because the level of
this surface could not be precisely localised in the boreholes). Identification and
geotechnical tests (triaxial tests under different confining pressures and oedometric
compression tests) have been performed on three particular samples: No 5966-1 and
5966-2 extracted in a borehole near the village of Triesen at a depth of 12.4 m and
21.4 m, respectively, and No 5966-9 at a depth of 28.6 m in the village of
Triesenberg (see the location of boreholes in Figure 10). These tests carried out at
the Soil Mechanics Laboratory (LMS) of EPFL lead to the determination of the
parameters reported in Table 3.
Identification
Samples Liquid Plasticity Fine
Classifilimit index
particles
cation
(< 0.02mm) (USCS)
[%]

[%]

[%]

5966-1

26 %

13.1 %

50 %

5966-2

22.2 % 10.6 %

5966-9

-

37.6 %

Mechanical parameters
Young
Correspon- Friction
Cohesion
modulus* ding
angle
confining (peak value)
pressure
[MPa]
[kPa]
[°]
[kPa]

Clay (CL) 97
134
223
Clayey
128
sand (SC)

300
500
800
560

25

0

30

11

276
300
30
17
330
500
415
800
* The Young modulus is determined in unloading conditions starting from 2% of axial strain under a
confining pressure mentioned in the adjacent column

-

-

-

Table 3: Parameters of the three intact samples tested in the laboratory

3. Hypotheses and principle of the modelling
The finite element method has been chosen to study the global hydro-mechanical
processes governing the movements and to understand the effect of several
parameters on the observed slope displacements. As the pore water pressure
variation in the landslide mass seems to be the main driving forces of the movement,
a hydro-mechanical approach was considered.

3.1. Mathematical formulation of the hydro-mechanical coupling
Due to the relatively low level of the water table at the top of the slope, the landslide
takes place in unsaturated conditions for a large part of its profile. This observation
requires taking into account an unsaturated hydro-mechanical mathematical
formulation. The three-phase medium (solid, water, air) has been considered as an
equivalent two-phase medium with compressible water (it is assumed that the air
bubbles are trapped within the liquid phase).

86

When the soil is considered as a two-phase medium, interactions between the porefluid pressure and the mechanical behaviour of the solid skeleton may be obtained
with a Biot-type mathematical formulation [8]. In such approach the mass and
momentum of the fluid and solid phases are conserved. A thermodynamic
description of the general form of the field equations is given in [9]. The mass
conservation equation of the soil is described with:

nβ f ∂ t p + div ∂ t u rf + div ∂ t u s = 0

(1)

where p is the pore fluid pressure, β f is the fluid compressibility and n is the
porosity. In this formulation, the solid skeleton has been supposed incompressible.
The velocity vector of the fluid infiltration ∂ t u rf links the absolute velocities of the
fluid, ∂ t u f , and of the solid skeleton, ∂ t u s , by:
∂ t u rf = n ( ∂ t u f − ∂ t u s )

(2)

Darcy’s law is then introduced to link the infiltration velocity with the hydraulic
head:
∂ t u rf = − K * grad ( p + ρ f gx )

(3)

where ρ f is the volumetric mass of the fluid, g the vector of the acceleration due to
gravity, x the position vector and K * the tensor of the kinematic soil permeability. It
is a function of the degree of saturation and is obtained by the multiplication of the
tensor of the saturated permeability K by a scalar function, kr ( S r ) [10]:
⎧ K * = k r ( S r )K
⎪
( S r − S r ,res )3
⎨
⎪kr ( S r ) = (1 − S )3
r , res
⎩

(4)

where Sr is the degree of saturation and Sr ,res , the residual degree of saturation. Sr
is related to the pore fluid pressure by the following expression [10]:
1 − Sr ,res
⎧
⎪ S r = S r ( p ) = S r ,res +
1
2
2
⎡ ⎛
⎤
⎞
⎪⎪
p
⎢1 + ⎜ α
⎥
⎨
⎜ ρ g ⎟⎟ ⎥
⎢
f
⎪
⎠ ⎦
⎣ ⎝
⎪
⎪⎩ S r = 1
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if p < 0
(5)
if p ≥ 0

where α is a material parameter.
Thus, the mass conservation is expressed by:
div ∂ t u s = div ⎡⎣ K * grad ( p + ρ f gx ) ⎤⎦ −

∂t p
Q

(6)

As it can be seen, the temporal variation of the solid displacement (left side term)
may be modified even by the Darcy’s flow (first right side term) or/and by the pore
fluid pressure variation (second right term).
The soil equilibrium equation is given by:

DIV σ + ρ g = 0

(7)

where σ is the total (Cauchy) stress tensor with tensile stresses taken as positive,
and ρ the total average mass density ρ = ρ d + n Sr ρ w ,with ρ d being the mass
density of the solid skeleton and ρ w the mass density of water.
The capital divergence operator is defined as:

{DIV σ }ij = ∑ ∂ j σ ij ( i, j =1,3)

(8)

ij

The behaviour of the solid matrix is assumed to be governed by the generalised
Bishop’s effective stress equation [11] given by:
σ ' = σ − S r pδ

(9)

with σ ' the effective stress tensor and δ the Kroenecker's symbol. In the small
strain approach adopted here, the effective stress tensor may be expressed in terms
of the total strain tensor ε and the elasto-plastic constitutive tensor C , the total
strain tensor being related to the total displacement tensor of solid skeleton u s by
the following expression:
ε=

1
us + usT )
(
2

(10)

Thus the momentum conservation equation takes the form:
DIV {C : ε ( u s )} = grad p − ρ g

(11)
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Equations (6) and (11) compose then the two field equations with two unknowns
( u s , p ).

3.2. Constitutive law for the soil
The trends of the different inclinometers located at different place in the slope show
a block movement of the loose soil without large strains inside this moving mass.
All the strains are concentrated in the slip surface (Figure 2). This observation leads
to consider simultaneously two soil behavioural laws: an elastic model for the loose
soil and a Modified Cam-Clay elasto-plastic model [12] for the material composing
the slip surface.
The Modified Cam-Clay model incorporates the influence of confinement and stress
path on the moduli, the consideration of the effects of overconsolidation as well as
the influence of the void ratio on the behaviour (consideration of the critical state
and dilatancy) [13]. It describes the soil behaviour using non-linear elasticity and
one plastification mechanism under monotonic deviatoric and isotropic paths. The
activation of the plastic mechanism induces a hardening of the materials and creates
irreversible volumetric strain ε vp . The plastic strain rate is defined through a plastic
flow rule.

Elasto- plastic formulations
The elasto-plastic framework enables the decomposition of the total strain rate ε&
into two independent parts, one elastic ε& e , and one plastic ε& p :
ε& = ε& e + ε& p

(12)

The elastic strain increment is obtained through the classical elastic stiffness tensor
D with the bulk ( K ) and the shear ( G ) modulus depending on the stress level (nonlinear elasticity):
⎧ε& e = D−1σ& ′
⎪
⎨
1 + e0
p′
⎪K =
κ
⎩

and

G 3 1- 2ν
=
= constant
K 2 1 +ν

(13)

where p′ is the mean effective stress, e0 the initial void ration, κ the slope of the

swelling line in the ( ln p′, e ) plane and ν the Poisson’s ratio.

Plastic strains are only produced when the stress state reaches the yield limit
described by the following equation in the ( p′, q ) plane:
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⎛
p′ ⎞
(14)
f ( p′, q, pc′ ) = q 2 − M 2 r 2 (θ ) p′2 ⎜1 − ln ⎟ = 0
pc′ ⎠
⎝
where q is the deviatoric stress, M the slope of the critical state line in the
( p′, q ) plane, pc′ the preconsolidation pressure and r (θ ) a function of Lode’s

parameter θ which enables to extend the elliptic function in the ( p′, q ) plane in the
principal stress space by a rotation of this yield curve around the p′ axis according
to Van Eekelen [14].
The initial mechanical state of the material is defined by the overconsolidation ratio
(O.C.R.), equal to the ratio of the preconsolidation pressure over the initial mean
effective stress.
The plastic flow rule is given by:
ε& p = Λ.∂ σ′ f

(15)

with Λ (σ',ε vp ) the plastic multiplier. ε vp is the volumetric plastic strain which is the
hardening parameter (modifying the yield surface f( σ' ,ε vp ) ).
Along an isotropic compression path, when the yield limit is reached, the
preconsolidation pressure pc′ evolves according to the following equation

p& c′ = −

1 + e0
pc′ ε&vp
λ −κ

⇒

ln

pc′ 1 + e0 p
εv
=
pc′ 0 λ − κ

(16)

where λ is the slope of the virgin consolidation line in the ( ln p′, e ) plane, ε&vp the
increment of plastic volumetric strain and pc′ 0 the initial preconsolidation pressure.
All these mathematical and constitutive formulations presented in these two last
sections are available in the software Z_SOIL®.

3.3. Hydro-mechanical material parameters
On the one hand, with respect to the mechanical material properties described in the
section 2.4, the plastic parameters are determined thanks to the comparison of
triaxial and oedometric numerical simulations and lab tests carried out on the sample
No 5966-1 (Figures 5 and 6). The material mechanical parameters presented in
Table 4 have been considered. The samples seem to exhibit a normally consolidated
behaviour with a plateau for the shear strength and the volume compression. On the
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other hand, the hydraulic properties of the materials are introduced in accordance
with the hydrogeological characteristics of the slope.
The samples extracted at different places in the slope exhibit heterogeneous visual
aspects (elements of limestone, sandstone, dolomite, flysch and quaternary deposits
in a clayey silt matrix). This heterogeneity is mainly at local scale (at the scale of the
sample). However far as the mechanical properties between each soil sample are
concerned, they seem to exhibit a quite good homogeneity at the landslide scale. The
characteristics of each material family (loose soil, slip surface and bedrock) were
therefore assumed to be spatially constant.
Mechanical properties
e0
ν
κ
λ

Soil

Constitutive

type

law

Loose
materi
al
Slip
surfac
e

Elastic law

0.25 0.5

0.03

-

Modified
CamClay Model

0.25 0.5

0.01

0.04

M

Hydraulic properties
K
Sr,res α
βf

-

-

[m/s
]
10-6

1

1

10-6

O.C.
R.

0

[m]
2

[kPa
]
3.10

0

2

3.10

1

-1

-39

-39

Table 4: Material parameters considered in the finite elements simulations

3.4. Finite element model
The hydro-mechanical calculations have been performed by the finite element
method in 2D (along a defined cross-section in the middle of the landslide) and in
3D (to obtain a global distribution of the movements). The geometry, the hydraulic
data, the boundary conditions and the material parameters are the input in the
simulations. For each of these points several assumptions, generally justified by
preliminary simulations, have been made and are presented in the next section. To
carry out these computations, the Z_SOIL® software has been used [1]. It offers a
unified approach to most of the natural processes encountered in geotechnical
engineering, including stability, consolidation and underground flow.

4. Numerical simulations
4.1. Geometry, boundary conditions and preliminary modelling
The unstable zone (i.e. the moving unstable loose soil and the slip surface) as well as
the five first meters of the “bedrock” below have been meshed. Under the bedrock,
solid boundary conditions for which the displacements are constrained in the three
directions have been imposed at each node. Indeed, this bedrock is supposed stable,
even though it is formed of ancient rockfall material.
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As already mentioned in the hydrogeology description (see 2.2), the hydrogeological
modelling of the crisis experienced in the year 2000 has been separately performed.
During this year two critical phases with a reactivation of the movements have been
observed with a good correlation with the snow melting phase (April) and with a big
thunderstorm which occurred during the summer. The choice of this specific year
2000 is also justified by the fact that the return-period of the annual rainfall is quite
important (42 years) [3]. The pore water pressure field induced by this
hydrogeological flow modelling has been introduced in the mechanical model.
This approach with two successive and separated simulations (a hydrogeological
followed by a hydro-mechanical simulation) enables to consider the effect of
hydraulic data on the mechanical behaviour of the slope. While, inversely, the
mechanical modification induced by slope movements are not taken into account in
the hydrogeological modelling. This is justified by the relatively low intensity of
movement which has probably almost no effect on the hydraulic properties of the
slope.
The effect of the distance between each imposed pressure node has been considered.
Figure 7 shows that, due to the low permeability of the materials, a too large
distance between each imposed pressure induces an irregularity in the pressure field.
Finally, the choice has been made to impose the pressure value at each node for the
2D model, and on the three first rows of nodes for the 3D model. It corresponds to a
distance of around 16 m between each imposed pressure. It means that, for the 2D
calculations, at each time step, the pore water pressure is an input data at each node
while in 3D, the pore water pressure is calculated on the two upper rows of nodes
thanks to equation (6).
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Figure 5: Comparison of the results of
triaxial test simulations (continuous line)
and experimental tests (dash points)
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Figure 6 : Comparison of the results of
oedometric compression test simulation
(continuous line) and experimental test (dash
points)

The effect of the mechanical boundary conditions at the toe of the landslide has been
studied in 2D. Four alternatives have been envisaged: equivalent linear forces with
active (Ka = 1/3), passive (Kp = 3) and at rest (K0 = 1) coefficients and fixed solid
boundary conditions. The results show that these toe boundary conditions have a
very local and almost negligible influence on the obtained results (Figure 8).
Therefore, in order to introduce more simple data, fixed boundary conditions have
been used.
On the other hand, the influence of the subsidence zone on the general distribution
of movements has been modelled in 2D. This subsidence zone is composed of a
quite weathered rock mass and may be considered as elastic. No information exists
about the mechanical properties of this zone. We have successively considered that
this zone has an elastic behaviour with a Young modulus of 75 MPa (like the loose
soil), 120 MPa and 200 MPa. Figure 9 displays the corresponding results. One can
observe that this old subsidence zone has no influence on the movement of the
strictly speaking slide zone.
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Figure 7: Effect of a large distance between each imposed pressure
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Figure 8: Study of the effect of the
mechanical boundary conditions, at the
bottom of the landslide, on the movement of
the slope

Figure 9: Study of the effect of the
subsidence zone on the movement of the
slope

4.2. 2D modelling
The selected cross-section for the 2D modelling should be quite representative of the
global 3D behaviour of the landslide. The direction of this cross-section is illustrated
in Figure 10 while the profile is represented in Figure 1. The choice of this crosssection has been motivated by several criteria:
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-

This profile crosses the village of Triesenberg in which the largest velocities of
displacement have been observed. Moreover, these movements induce
significant damage on the infrastructures linked to the village.
- The information concerning the movement (inclinometers) and the material
characteristics is mainly concentrated along the axis of this cross-section or
nearby.
- Several preliminary studies (related to hydrogeological, geological and
topographical data) have been carried out considering this cross-section.
- As this profile stretches in the middle of the slope, it enables to neglect the
boundary effects.
The mesh composed of four-noded elements, for solid displacements as well as for
pore water pressure, is illustrated in Figure 11 and its characteristics are reported in
Table 5 below. The modelling has been performed for a period of 291 days (from
January 1 to October 18, 2000) with a simulation by one day steps. The hydraulic
conditions issued from the hydrogeological modelling with FEFLOW code have
been defined day by day through load time functions.
Interpretation of results
Qualitatively, the results obtained exhibit two main active zones: one on the top of
the slope and the other one around the middle of the slide profile (Figure 12). The
upper active zone is clearly observable on the map of the average annual
displacements (Figure 3), but no significant comparison can be done because of the
difference in the considered period. A quantitative assessment of the modelled
movement can be done thanks to the data of two inclinometers the location of which
is shown in Figure 10. Indeed, these boreholes are close to the concerned active zone
and the available data cover the considered period (year 2000). By comparison with
the general trend of the inclinometer KL1A, the order of magnitude of the modelled
displacements is very similar and the calibration of the model is quite satisfactory
although the crisis periods are not monitored in detailed (Figure 13). The
displacements observed in inclinometer B5 are higher than those obtained with the
simulation, but this can be due to the distance separating the cross-section from the
inclinometer (about 300 m).
Number of …
Nodes
Elements
Solid boundary conditions
Water boundary conditions
Load time function
Different materials

2359
2016
345
2359
2359
3

Table 5: Characteristics of the 2D mesh
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Nevertheless, the trend of the simulated displacement with respect to time is very
discontinuous, while it is more continuous in reality. This imprecision is induced by
the constitutive model (Modified Cam-Clay model). Such a model considers that
only monotonic loadings are able to induce plasticity. Therefore, the cyclic
behaviour of the material is not completely reproduced as the progressive plasticity
occurring during mechanical unloading (due to decrease of the water pressure field)
is not taken into account with this constitutive law.
In order to improve the interpretation of the modelling results, parametric studies
have been carried out to evaluate the effect of the selected friction angle of the
material composing the slip surface, as well as the influence of the water pressure
variation. Simulations with six different friction angles (30°, 27,7°, 25,3°, 23°, 22°
and 21° corresponding to M = 1.2, 1.1,1, 0.9, 0.86 and 0.81, respectively) and with
three water pressure variations (x1, x1.25, x1.5, which is the normal case and a
general increase of all pressure field variations by 25% and 50%, respectively) have
been done. The results are shown in Figure 14. One can observe that the effect of the
increase of the variation of the water table level is almost linear and relatively minor
for the three higher value of the friction angle that are most likely, while the
influence of the friction angle is more non-linear. The multiplication of the variation
of pressure field by 1.5 may be seen as an extremely unfavourable case that would
not be reached even in severe climatic change conditions [3].

Figure 10: Direction of the cross-section used
for the 2D modelling and localisation of the
two inclinometers used for the calibration of
the computed displacements and of the two
boreholes from which the tested samples have
been extracted
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Figure 11: Representation of the 2D
mesh

Figure 12: Distribution of the displacements after the 291 days of simulation (January 1 to
October 18, 2000)
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Figure 13: Calibration of the model:
Comparison of the results with two
inclinometer data

Figure 14: Parametric study: Effect of the
possible variation of friction angle and of the
multiplication of water pressure values on the
magnitude of displacements obtained in the
upper active zone

4.3. 3D modelling
Thanks to the preliminary morphological analyses and to the distribution of
monitored movements in the slope, the initial slide considered as a single
phenomenon may be subdivided into three quasi-independent landslides. This
motivated assumption enables the development of three independent simulations on
three distinct meshes. This considerably decreases the size and the time of each
calculation. On the other hand, it allows a more extensive mesh for a same time of
calculation. The boundaries separating each modelled landslide have been
represented by solid boundary conditions constraining the displacements
perpendicularly to the boundary and enabling the movements in the direction of the
slope.
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Due to the reduced thickness of the slip surface (1 m), the longitudinal dimensions
of the elements are limited to 16 m in order to respect the maximum authorized
distortion of one finite element. This explains a relatively high number of elements
for each landslide. The characteristics of the meshes of the three considered slides
are reported in Table 6 below. Eight-noded 3D finite elements are used for solid
displacements as well as for pore water pressure.
Interpretation of results
Qualitatively, the distribution of the movements obtained by the 3D simulations is
fairly similar to the values drawn from the average annual displacement map (Figure
3). Indeed, the modelling results exhibit one main active zone within each slide.
Theses zones are located in the middle of the slope for slide No 1 and No 2 and at
the top part of slide No 3. These results are graphically represented in Figure 15.
Moreover, the quantitative evolution of the displacements in each active zone shown
in parallel with the evolution of the pore water pressure at the slip surface level is
reported in Figure 16. The order of magnitude of the modelling results is slightly
lower than the average annual displacements reported in Figure 3.
But unfortunately, for the period considered in the modelling, no other inclinometer
data than the one reported in Figure 13 are available which would have enabled a
more precise quantitative comparison. The irreversible evolution of displacements in
the graphs b2 and b3 exhibits clearly an elasto-plastic behaviour of the slip surface in
the corresponding zones, while the quasi parallel evolution of water pressures and
displacements in the graph b1 shows a purely elastic and reversible behaviour of the
soil in the upper part of the slope. The displacements are largely influenced by both
crises due to the snow melting of April and the thunderstorm event of August 2000.
Indeed, the total displacements obtained after the 291 days of simulation (from
January 1 to October 18) are essentially created during both short crisis periods.
With respect to the 2D modelling, the 3D simulations display several worthy
additional information on the general mechanical behaviour of the slope. In
particular, it is possible to conclude that the zones where the movements are more
significant and may increase damage to the infrastructure are very limited in space
and have little influence on the surrounding zones. Therefore, in a mitigation
attempt, simple local drainage at the three zones would probably be quite efficient.
Number of …
Nodes
Elements
Solid boundary conditions
Water boundary conditions
Load time function
Different materials

Landslide 1
22928
17760
5760
13557
13557
3

Landslide 2
34695
27117
8405
13622
13622
3

Landslide 3
17803
13728
4638
10497
10497
3

Table 6: Characteristics of the three 3D meshes
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Similarly to analyses carry out in the 2D modelling, calculations considering a
hypothetic extremely unfavourable case by multiplying each value of the pressure
field by a factor of 1.5 have been performed. This process can be seen as a stability
analysis in which the driving forces (linked to water pressure) are increased and the
resisting forces (linked to the material parameters) are kept constant. Figure 17
exhibits the obtained displacements after 291 days of simulations in the normal
configuration and in the extreme case for the three locations reported in Figure 15
(b1, b2 and b3). As expected, the amplification of the water pressure induces an
increase of the obtained displacements of the slope. However, this increase remains
quite acceptable in term of risk assessment.

5. Conclusions
The approach of a large landslide by the finite element simulation is a very advanced
and efficient method to study all the aspects dealing with slope movements during
crises. In the present case dealing with the Triesenberg landslide, similarly to the
most slope movements, the water pressure variation in the slope is the major cause
of the movements. Therefore, the consideration of the hydro-mechanical couplings
allows a detailed analysis of acceleration phases. The Z_SOIL® finite element
software has been used to determine the hydro-mechanical behaviour of the
Triesenberg landslide, using a pressure field in the slope established by a separate
hydrogeological modelling. As far as the geomechanical modelling is concerned, the
use of an elasto-plastic constitutive model may supply more appropriate results than
classical elastic models; its consideration is in particular meaningful in the
modelling of the layer in which the major shear movements occur.

Figure 15: (a) Distribution of the obtained displacements after 291 days of simulation
(from January 1 to October 18, 2000) and location of the three more active zones. The pore
water pressure and the displacement evolutions in these zones are reported in Figure 16
99

5

80

4

70

3

60

2

50

1

40

0

30

-1
50

100

150

200

250

Pore water pressure
40

40

20

30

0

20

-20

10

-40

0

20
300

0

50

100

150

200

250

-60
300

Time [days]

Time [days]

15

60

12

50

9

40

6

30

3

20

0
0

50

100

150

200

250

Pore water pressure [kPa]

90
Displacements [mm]

6

0

50

100

Displacements [mm]

Pore water pressure

Pore water pressure [kPa]

Displacements

Pore water pressure

Pore water pressure [kPa]

Displacements [mm]

7

Displacements

Displacements

10
300

Time [days]

Figure 16: Evolution of the displacements at the surface, in three active zones reported in
Figure 15, as well as of the corresponding pore water pressures at the level of the slip
surface in the same zone
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Figure 17: Comparison of the obtained final displacements at three specific points with
the normal pressure field configuration and the extreme pressure field (multiplied by 1.5)

In the 2D modelling results, the distribution and the intensity of the movements are
very similar to the ones observed in the slope through monitoring data. In 3D
computations however, the distribution of the obtained displacements, although it is
in a good agreement with the in-situ observations, supplies values which are slightly
lower than the reality.
The finite element simulations display several worthy information. In particular, the
results obtained show that (i) the movements are mainly due to the water pressure
variation (a very close interaction between the meteorological events and the
movements can be observed in the results); (ii) the active zones where
infrastructures are damaged due to the movement are very limited in space and could
be mitigated by drainage systems; (iii) the increase of water pressure variation in
order to simulate an extreme unfavourable case does not cause a general instability.
This final result shows that the risk of a sudden collapse of the slope is very low,
even in the perspective of critical modifications caused by climate change.
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Finally, this finite element modelling of the hydro-mechanical behaviour of the
Triesenberg landslide has constituted a major contribution to the understanding of
the mechanical behaviour of the slope.
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3D numerical modelling of a landslide in Switzerland
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A fully coupled elastoplastic 3D finite element approach applied to a large
landslide analysis is described in this paper. First, a hydrogeological model has been
adopted by the engineers. Then, a flow-only computation, including geology and
transient hydraulic conditions, has been carried out with Feflow [1]. Finally,
resulting hydraulic boundary conditions have been introduced in a fully coupled
transient finite element model (see Z_Soil [2]) in order to reproduce the hydromechanical aspects of the landslide over a crisis period of about two years (19931995). After a careful comparison between computed and observed pressures and
displacements, the model has been used in order to evaluate the impact of
constructive solutions, such as drainage or filling, on the behaviour of the landslide.

Figure 1. La Frasse 3D geological model. View from S-E.
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Introduction
Located in the Swiss Prealps, a landslide covering a surface of about 2.1 km x 0.5
km (Fig. 1) crosses two regional tourist roads. Important displacements have been
observed there for over 150 years, and dating methods show that the landslide has
been active for millenniums. Sliding velocities vary in space and time. They locally
reach 4 meters per year during crisis periods in the downhill part of the landslide.
This critical zone is referred to as the + / ++ zone, where local velocities reach their
peak (see Fig. 3). A main sliding surface has been identified at a mean depth of 40 to
80 m, where boreholes show groundwater excess pressures that are also present
within the sliding mass. A first attempt to slow down the most active part of the
slide by drainage wells at the top of the ++ zone has been carried out in 1994-1995.

Geological Modelling
A 3-D structural geological model synthesizing all available data (boreholes,
geophysics, field observations) is built serving to design the stabilization project. It
is also the shape on which is based finite elements meshes for hydrogeological and
hydromechanical numerical modelling.
La Frasse landslide slides along a slope oriented NW to SE, down to the Grande
Eau river which erodes its toe continuously (Fig. 1). In the area, the main geological
structure is a pinched syncline of Mesozoic (Triassic dolomites, Malm limestones)
and Tertiary rocks (Eocene siltstones and flysch). The syncline axe is orientated
SW–NE, according the global alpine structures. Only a part of the Tertiary flysch
(sandstones and clay schists) is sliding.

Hydrogeological modelling
Groundwater flows and pressures are simulated by 3-D finite element transient
modelling (Feflow). Calculated pressure fields are then exported toward the
geomechanical models. The two major difficulties to address are the infiltration
conditions and the heterogeneity of the medium.
Infiltration conditions: Although groundwater is recognized to be the cause of
sliding, the correlation of acceleration phases with gross rainfall is rather poor.
However, a correlation exists with an accurate infiltration computation (COUP
model, Jansson) weighted up to two years before the day of calculation. This means
that events of the past intervene in the present behaviour. Indeed, the hydraulic
balance of the system (about 5000 m3/d) shows that about 1/3 of the inflow is
supplied by superficial infiltration and 2/3 by the borders of the landslide.
Heterogeneity: Sliding adds heterogeneity to the original one due to the flysch,
leading to a network of more permeable structures (1E-2 m/s or more) in a matrix of
shales (1E-7 m/s). Pumping tests show that the connectivity of the permeable
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structures is higher parallel to the landslide and reaches hundreds of meters; the
width of these structures is of the order of 10 m, which is a determining value for the
spacing of future drains or wells.
In the model, heterogeneity is underestimated and represented by a system of
channels in the permeability field. As a consequence, results must be read at the
landside scale rather than at a local scale. They show that, in accordance with
observations, hydraulic heads vary in time from some meters in the upper part of the
landslide to some tens of meters downhill (Fig. 2a and 2b).
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Figure 2a. Calculated hydraulic head at
piezometers FR6 (thick line) and LF2 (thin line).

Figure 2b. Localisation of
piezometers FR6 and LF2.

Hydromechanical modelling
A 30’000 elements finite element mesh is used in order to perform the
hydromechanical analyses. It is depicted in Figure 3. More than 350 different
calculations have been conducted (including parametric studies, constructive
solutions introduction, …), each of them running on a P4 computer in about 10 to 15
hours (nonlinear transient analysis on 320 steps).

Road

Existing pumps

++
+
Road

Elastified zone

Figure 3. Hydromechanical FE mesh (30’000 B8 elements).
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Pressure boundary conditions are interpolated from the Feflow model. From the
mechanical point of view, the bedrock located under the flysch is considered fixed.
The interaction of the bottom zone of the landslide with the river is modelled
through a system of surface loads, evolving in space and time. Material parameters
are given in Table 1. They are based on a series of laboratory and in situ tests.
Drucker-Prager and Cap models are the elastoplastic constitutive laws used here.
Parameter

Elasticity Identification

Unit weight, γ
Void ratio, e0

kN/m3
-

Above
sliding
plane
19.9
0.4
7 e-7
to
2 e-5

Sliding
plane

7 e-7

7 e-7 to
1.5 e-5

19.9
0.4

Below
sliding
plane
21.3
0.3

Permeability, K

m/s

Young’s
modulus, E

MPa

80

80

100

-

0.3

0.3

0.3

º

30

25

33

kPa

5 to 20

2

30

º

30

25

33

-

-

0.07

-

-

-

Normal

-

Poisson ratio, ν
Friction
angle, φ
Cohesion, c
Dilatance
angle, ψ
Plastic
compressibility,
λ
OCR

Plasticity

Unit

Table 1. Material parameters.
The study concentrates on the period between August 1993 and December 1995,
as a very well documented crisis happened in 1993-1994, yielding metric horizontal
displacements at the bottom road (RC 705). Figures 4 and 5 illustrate the computed
displacement field at the end of the transient analysis. Their spatial distribution
corresponds to the in situ measured displacement field including a crisis period, as
Figure 6 shows.
+ Zone

++ Zone

uh = 1.30 m
uh = 2.04 m

uh = 0.50 m
uh = 0.65 m

++
calculated values
observed values

+

ratio = 2.60
ratio = 3.14

+
RC 705
++

position of
the cut

Figure 4. Absolute displacements from aug-93 till dec-95, 2D cuts along the main
road crossing the landslide (left) and across + and ++ zones (right).
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Figure 5. Absolute displacements from aug-93 till dec-95, 3D view.

Figure 6. Observed displacements for 4 periods (between 1957 and 1982) (Duti [3]).
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Effect of pumping and performance of the model
In winter 94-95, an attempt to slow down the downhill part of the landslide has
been undertaken. A pumping platform has been constructed at the top of the ++ zone
(see Figure 3, “existing pumps”). The influence of the drainage wells and pumps at
the top of ++ zone in winter 1994 can also be evaluated by the numerical model.
Figure 7 illustrates the pore-water pressure drop that takes place in the model when
the pumps are switched on.

Figure 7. Pressure drop when the pumps are switched on in winter 1994-1995.
This effect on the pore pressure field has a great incidence on subsequent
displacements. Looking at Figure 8, where observed and computed horizontal
displacement histories at the RC 705 are compared, the drainage influence can be
clearly identified for a second crisis, as velocities drop significantly in the ++ zone
(ratio of 12 to 14), and less in the + zone (ratio of 3).

in situ

model

in situ measured displacements [m]

3D model displacements [m]

Crisis

Pumping

Ratio

Crisis

Pumping

Ratio

++ Zone

2.04

0.17

12

1.14

0.08

14

+ Zone

0.65

0.22

3

0.45

0.17

3

Left side

0.01

0.01

1

0.35

0.15

2

Figure 8. Comparison between computed and observed values before and after the
construction of the pumping platform.
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On the one hand, the comparison between observed and computed horizontal
displacements shows a good agreement qualitatively (see Fig. 8). On the other hand,
the model underestimates the in situ displacements by a factor of about two.
To some extent, this underestimation can be explained by the continuous nature
of our model, as no sliding interfaces have been introduced in the mesh.
However, the global history of spatial displacements of the landslide is
reproduced satisfactorily (modelled ratios before/after pumping are in good
agreement with measured values), and the model is now ready to estimate the
influence of constructive solutions on its behaviour.

Constructive solutions
Two families of constructive solutions to slow down the landslide are analyzed:
− reinforcement of the landslide’s toe through the construction of a concrete or
earth filling in the Grande Eau river,
− drawdown of pore-water pressures at the sliding surface through the
construction of a drainage tunnel (or a pumping wells platform) across the
landslide.
Grande Eau Filling
A 2D (see mesh, Fig. 9) parametrical study on a cut in the ++ zone has allowed us
to evaluate the influence of the height of a filling placed in the Grande Eau area,
where the landslide is eroded continuously by the river. Displacements drop quite
significantly in the vicinity of the filling, but its efficiency drops very fast as soon as
displacements above the RC 705 road are considered.
This can also be noticed on Figure 10, where cases with and without filling are
considered. The landslide’s motion is clearly slowed down by the filling, but its
tendency to climb above the filling is also noticeable.

Figure 9: 2D model for the parametrical study of the filling.
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Figure 10. Deformed mesh in the ++ zone (left without filling, right with 10 m
filling, same amplification factor = 3.75).
3D analyses of the filling’s influence have also been performed, confirming the
facts noticed on the 2D analyses: limited spatial efficiency and tendency to “climb”
above the filling. Moreover, Figure 11 shows that the landslide also has a tendency
to try to circumvent the filling, especially if subsequent crises follow the first one
that we studied.

Figure 11. Horizontal displacement map. Effect of a second crisis.
Drainage systems
Hydraulic heads can vary in time to tens of meters in the downhill part of the
landslide. Under these conditions, efficient stabilization works may consist in a
series of wells or sub vertical drains drilled from a gallery in the substratum, located
at the top of the most active area of the landslide, to draw down and stabilize
hydraulic heads.
The studied drainage systems are modelled by imposing additional head
boundary conditions.
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Comparisons
Figure 12 gives the horizontal displacement maps at the end of the 93-95 period
for four cases:
−
−
−
−

Reference case (top left)
10 m filling (bottom left)
Existing pumping “as for now” (top right)
Drainage tunnel (bottom right)
Base

Pompes actu. VA4
mai

27
1994

Remblai 10 m

Galerie VA1

Figure 12. Comparison of different constructive solutions, displacement field at the
end of the analysis (dec-95).
It is quite obvious that the only constructive solution which prevent metric
displacements to develop at the bottom of the landslide under crisis conditions is the
drainage tunnel, active on the whole landslide’s width (a similar observation can be
made on the projected pumping solution, as it possesses the same implantation as the
gallery).
The efficiency of each solution is given in Figure 13 with respect to the distance
to the Grande Eau river. As expected, the filling solution is only efficient in the
vicinity of the river. The pumping “as for now” method reaches its peak
performance near the pumping platform but would fail to be really helpful in the
downhill zone, if a new crisis period happened. Again, the two most efficient
solutions are the drainage tunnel and the projected pumping that totally cross the
landslide. A “super”-efficient solution would be to continue the drainage tunnel
uphill, yielding a drastic diminution of the projected displacements.
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Finally, stability analyses have been performed for all cases, by progressively
decreasing the friction angle and the cohesion of the different materials, until failure
occurs. This gives another point of view on the efficiency of the different
stabilization methods, confirming the supremacy of the drainage solutions (see
Table 2).
Grande Eau

(constr. solution displacement / reference
displ.) ratio [%]

minimal
efficiency 100

maximal
efficiency

0

RC 705 road

100

200

Pumping platform

300

400

Distance w.r.t. the Grande Eau [m]

500

600

RC 709 road

700

800

80

60

40

20

0
10 m filling
VA3 (drainage tunnel + uphill)

VA1 (drainage tunnel +/++)
VA4 (pumping as for now)

VA2 (projected pumping)
10 m filling + VA1

Figure 13. Efficiency of different constructive solutions.

Table 2. Safety factor and potential failure mechanism associated with each
constructive solution. Safety analyses are performed at the end of the crisis period.
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Conclusions
A fully coupled hydromechanical elastoplastic 3D FE analysis has been
conducted in order to reproduce the behavior of a large landslide located in the
Swiss Alps.
Comparisons with in situ observations show that the model performs well and is
able to predict the impact of constructive solutions on the future behaviour of the
landslide.
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1. Introduction
Tunneling in jointed rock masses requires good understanding of rock-structure
interaction
processes. Most practical examples need three dimensional
representations of rock mass and structural elements for realistic description of such
processes. The joint system determines the behavior of rock masses in many cases
more than any other factor [1]. Strength and deformation behavior of rock masses are
governed by joint distribution, orientation and properties. Both continuous and
discontinuous approaches in numerical modeling are recently in use for prognoses of
the structure behavior in jointed rock masses. Explicit numerical modeling of jointed
rocks is a tedious task, the main drawback being difficulty if not impossibility to
represent with sufficient detail and reliability the rock mass structure and joint
properties.
The appealing explicit clarity of the discontinuous approach is thus restricted by usual
uncertainty of real joint distribution and properties along with considerable
computational effort of the 3D distinct element modeling.
Continuous approach requires implementation of implicit models with somehow
averaged deformation and strength parameters for jointed rock masses. The
development of constitutive models for jointed rock has been the subject of many
investigations in experimental rock mechanics and related software engineering.
Many different models were developed and published recently, only a few are used in
practice, the reason being the high cost of input parameters evaluation and the
dependency of the models on particular features of rock masses. The evaluation of
effective properties of rock joints is the least developed area in modeling rock masses.
The problem here is the difficulty of representing the real irregular roughness of the
joint in a regular model and, especially, of evaluating the sizes and angles of joint
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protuberances and of introducing these factors into the numerical model. Thus
evaluation of averaged “effective” parameters of jointed rock mass for further
implicit modeling becomes an unavoidable practical procedure.

2. Effective properties of jointed rock
For evaluation of effective strength properties of a model rock mass cut by orthogonal
system of uniform joints two series of numerical experiments were carried out for
specimens with orthogonal oint systems oriented at angles (0,90°) – first series, and
(45°,135°) – second series. The specimens were composed of blocks of intact rock
with the following properties: uniaxial compressive strength σс = 79 MPa, tensile
strength – σt = 3.1 MPa, Young’s modulus – Е = 25 GPa, cohesion – с = 25
MPa,internal friction angle – ϕ = 41°. Such properties are typical for, say, marble.
a)

b)

Fig. 1. FEM meshes for composed specimens with inclined joint systems
a) (0°, 90°); b) (45°, 135°).
The relative joint aperture was set to α = 0.01, relative area of joint contacts - ξ =
0.0002. Normal and shear joint stiffness was evaluated according to [2] as Еj = ξЕ, Еj
= αkn and ks = 0.4kn and were equal to kn = 500 MPa and ks = 200 MPa. The strength
parameters were taken as с = 0.05 MPa, ϕ = 35°.
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The tensor-polynomial strength criterion [3,4] in the form:

σ12 +cσ22 +bσ32 +dτ122 + pτ232 + rτ132 + sσσ
1 2 +tσ2σ3 + f σσ
1 3
σ12 +σ22 +σ32 +τ122 +τ232 +τ132 +σσ
1 2 +σ2σ3 +σσ
1 3

≤[σ0 ]

where

[σ 0 ] =
r=

σ b1
kb

;c =

σ
σ
σ b1
σ
; b = b1 ; d = b1 ; p = b1 ;
τ b 23
σ b3
σ b2
τ b12

4σ b1
4σ b1
σ b1
− c − d − 1; t = (45)
− c − b − p;
; s = (45)
σ b12
σ b 23
τ b13

f =

4σ b1

σ b(45)
13

− b − r − 1.

(1)

was used for description of effective strength parameters of rock cut with
orthogonal joint system.
Here the letter σ with the subscript ‘b’ denotes the stress value, when the limit
condition (uniaxial strength) is reached in the direction corresponding to the
second subscript; the letter τ – same for direct shear when the right angle between
the axes denoted by the subscript is changed. The superscript (45) at σ denotes the
strength limit in the diagonal direction (at the 45o angle to the principal axes of
elastic symmetry) in the plain corresponding to subscripts. The subscripts 1,2,3
denote principal axes of elastic symmetry of rock mass, kb − safety factor which is
the same for all directions (for simplicity we assume kb = 1.0).
If the intact rock is isotropic, and mechanical properties of joints are identical, it
follows from the symmetry defined by the orthogonal joint system, that effective
strength properties of the tensor – polynomial criterion (1) should satisfy
conditions c =b; d = p = r; s = t = f.
The numerical analyses were conducted in 3D. In the first series kinematic
boundary conditions (Fig.1a) were applied as the uniformly distributed load
formed as displacements of the upper side of the specimen. Such boundary
conditions provide for uniaxial strain conditions in the homogeneous body
equivalent to the specimen. The load was applied in steps from zero to the limit
value corresponding to the specimen’s failure.
In the second series kinematic boundary conditions (Fig. 1b) corresponded to the
three axial strain state in the homogeneous body equivalent to the specimen. First
the uniform confinement was obtained by the uniformly distributed load by
displacements of each side of the specimen so that σ1 = σ2 = σ3 = 0.12 MPa.
Further on, the upper side of the specimen was loaded as in the first series up to
the limit condition.
The results of numerical analyses show that the specimen’s fracture at the given
loading conditions is brittle and that up to the moment of fracture the deformation
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may be considered to be linear. In the first series with joints at angles (0°,90°)
fracture was registered at the vertical load equal to 22.4 MPa and in the second
series with joints at angles (0°,90°) and (45°,135°) fracture occurred at the vertical
load of 1.0 MPa (Table 1). Considerable difference in the values of the
compressive strength in different directions as related to orientation of the
orthogonal joint system proves anisotropy of properties of jointed rock specimens.
From the first series of analyses we obtain c = b = 1.0. Direct shear conditions
provide that limit values of tangential stresses with which the strength parameters
d, p, and r are obtained in (1) in the given case will be determined by shear
strength in joints and respectively d = p = r = 448.0. From the second series with
stress values σ1 = 1.0 MPa and σ2 = σ3 = 0,12 MPa (averaged stress in the
equivalent body) and considering that s = t = f, we find these values in the
coordinate system connected to the elastic symmetry axes as s = t = f = −138.4.
Having the full set of effective strength parameters and substituting them into
Equation (1) we obtain the equation of the limit surface. Graphic representation of
this surface for this surface for plain strain conditions with εz = γxz = γyz = 0 in the
form τxy(σx, σy) is shown on Fig. 2.

Table 1. Mechanical parameters of jointed rock obtained in numerical
experiments.

Joint
system
inclination
angle

Limit
vertical
stress σ1,
MPa

Young’s
modulus
E, MPa

Shear
modulus
G, MPa

(0°,90°)

22.4

490.0

123.5

0.25

(45°,135°)

1.0

352.0

196.0

0.44

118

Poisson
Ratio

S

Fig. 2. The limit surface.
Effective deformation parameters of the model rock mass cut with the orthogonal
system of uniform joints in the axes of the elastic symmetry were obtained according
to [5,6] as:
lkn E
⎧
⎪ Е1 = Е2 = Е3 = lk + E ,
n
⎪
lk
G
⎪
s
,
⎨G⊥ =
lk
G
+
2
s
⎪
⎪ν 21 = ν 32 = ν 31 = ν
⎪
⎩

(2)

where E, G, ν – Young’s modulus, shear modulus and Poisson ratio of the intact rock
respectfully, kn, ks - normal and tangential joint stiffness, l – intact rock block size.
As a result the following values were obtained: Е1 = Е2 = Е3 = 490 MPa, G⊥ = 123.5
MPa, ν = 0.25 , (Table 1).
Corresponding values for the case with joints at the angle (45˚,135˚) with
consideration that Е1 = Е2 = Е3, were obtained according to [7]:
1 sin 4 45o 1 ⎛ 1 2ν ⎞ 2 o cos4 45o
=
+ ⎜
− ⎟ sin 90 +
Е45
E1
E1
4 ⎝ G⊥ E1 ⎠

⎛ 2 (1 +ν ) 1 ⎞ 2 o 2 o 1
1
= 4⎜
− ⎟ sin 45 cos 45 +
G45
G⊥ ⎠
G⊥
⎝ E1
ν 45 ⎛ 2 (1 +ν ) 1 ⎞ 2 o 2 o ν
=⎜
− ⎟ sin 45 cos 45 −
E45 ⎝ E1
G⊥ ⎠
E1
(3)
which gives Е45 = 352 MPa, G45 = 196 MPa, ν 45 = 0.443 (Table 1).
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The proposed approach to the evaluation of the mechanical parameters of rock masses
provides the possibility to obtain the full set of deformation and strength properties.

3. Constitutive model: extended multilaminate model
The proposed model combines and generalizes the multilaminate model of
Zienkiewicz and Pande, and the generic plastic model of Menétrey and Willam.
Enhanced assumed strain elements following [8], are used for the implementation.
The three-parameters Menétrey-Willam criterion can be formulated as follows:
2

[

]

F( ξ, ρ, θ) = [Aρ] + m Bρr ( θ, e) + Cξ − 1 = 0

where
r (θ , e ) =

(

(

)

4 1 − e 2 cos 2 θ + (2e − 1)

)

[(

(4)

2

)

2 1 − e 2 cos θ + (2e − 1) 4 1 − e 2 cos 2 θ + 5e 2 − 4e

]

1/ 2

and invariants
⎧
1
I1
⎪ξ =
3
⎪
⎪
⎨ρ = 2 J 2
⎪
3 3 J3
⎪
⎪cos 3θ = 2 J 3/ 2
2
⎩

; I1 = σ ii = σ1 + σ 2 + σ 3
1
1
; J 2 = S ij S ij = ∑ ( σ i − σ m)
2
2
1
; J 3 = S ij S jk S ki
3

θ is Lode’s angle and A, B, C, m are parameters function of ft the uniaxial tensile
strength, fc the uniaxial compressive strength and e the eccentricity.
Several classical yield criteria can be deduced from the generic M-W criterion, in
exact form for Von-Misès and Drucker-Prager criteria and in approximate form for
Rankine, Mohr- Coulomb and Hoek-Brown criteria. The latter corresponds to:
A=
m= 3

15
.
fc

; B=

f 2c − f 2t

e
fc ft e +1

1
6 fc

; C=

1
3 fc

; e ≅ 0.52

The Menétrey-Willam criterion [17] is combined here with the Multilaminate model
proposed by [9]. A maximum of three independent lamina with fixed orientations in
space and associated or non-associated Coulomb-type plasticity and tensile cut-off is
assumed.
3.1

Extended Multilaminate model

Combining the Hoek-Brown specialization of the Menétrey-Willam model, with the
multilaminate model produces a versatile model which can be used for layered rock
with preferential weakness orientations and a globally isotropic nonlinear matrix
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behavior. To further improve the capacity of the model, it is associated here with a
periodic (regular or not) stencil, which supports the introduction of directional
properties only at regular intervals, at selected finite element integration points
located in weakness planes, while Hoek-Brown criterion alone is assumed elsewhere.
This approach preserves the use of a globally regular mesh (Fig. 3).
Table 2. Properties of sandstone blocks

Fig. 3. Finite element mesh
& weakness layers

Property
Young modulus, Ei (GPa)

Value
5.34

Poisson’s raitio, νi

0.19

Uniaxial compressive strength, σci (MPa)
Brazilian strength σti (MPa)
Cohesion, ci (MPa)
Cohesion, cj (MPa)
Friction angle of intact material φi, deg
Friction angle along the joints φj, deg
Dilatancy angle ψi, deg
Dilatancy angle ψj, deg

100
10
4.67
0
33
37
33
37

4. Influence of joint stepping
Singh, Rao & Rammamurthy [10] presented results of the laboratory experiments on
blocky sandstone. Each of the samples has three joint sets in orthogonal directions.
One of the joint sets locates with some ‘stepping’. Values of the ‘stepping’ are
changing for different samples. Material properties are presented in Table 2.
Numerical experiments were conducted in 3D for the same number of blocks within
the sample 15 x 15 x 15 cm, joint set I inclination θ = 0 and joint stepping “s” = 0,
1/8, 2/8, 3/8, 4/8, 5/8, 6/8, 7/8. The FEM meshes for “s” = 0, 1/8, 2/8, 3/8, 4/8 are
shown on Figure 4. For considerations of symmetry analyses for remaining values of
“s” can be skipped.
Z_SOIL PC® FEM computer code [11] was used throughout this work.
Joints in the sample were represented by thin continuous elements. Several
assumptions had to be made in relation to joint properties. Relative joint width was
taken as a = 0.1,
Joint cohesion cj=0, Poisson ratio νj = 0 and the Young’s modulus Ej = 25.4 MPa.
Intact blocks were modeled with the Hoek-Brown [12,13] criterion and the
multilaminate model [9,14] was applied to joints with direction of lamina coinciding
with direction of joints. Calculation procedur was carried out with loading applied as
controlled displacements.
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Fig.4. FEM meshes for numerical analyses.
Figure 5 provides comparison of numerical results with laboratory data of Singh, Rao
and Rammamurthy. The curves show relation between compressive strength of the
jointed sample and intact block with various values of stepping. The resulting curves
almost follow each other; however numerical values are higher than obtained in the
laboratory. The uniaxial compressive strength of the jointed rock sample is
approximately 70% of the strength of the intact rock block. The difference between
laboratory and numerical data is 11-17%, which is obviously due to assumptions
made for joint parameters values in numerical models since the published data was
not sufficient.

5. Tunnel in jointed rock
As an example of application of the multilaminate model in practice, modeling of the
tunnel driven in jointed rock was performed. This structure is a four lanes motor
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tunnel in Russia which should provide access to a ski resort. The tunnel span is
d=12m, the height is h=12m too, the length is l=200m. The containing rock is a weak
granite with several systems of tectonic discontinuities. The inclination angles
between these joint systems approximately equal 90o, thus, to make a numerical
model we assume these systems orthogonal. The joint spacing is 1 m and the relative
thickness is α = 0.01. The area along these discontinuities is being considered as a
weak zone due to the presence of joints of the smaller order. Owing to it, for
modeling, we believe the thickness of the weak layers equal to 0.1m.
The other parameters of the joints and of the intact rock are presented in Table 3.

Fig. 5 Comparison of numerical and laboratory
data for the sample with joint inclination θ = 0.
Because of the large number of finite elements required to model jointed rock mass, it
was decided to use the Z_SOIL PC® kinematic constraint function. It makes possible
to create a finite element mesh by layers with various amounts of elements
in each of them. The created layers can be linked without taking into account
Table 3. Material properties
Property
Poisson's ratio, ν
Cohesion с, кPа
Friction angle ϕ, º
Uniaxial compressive strength
σс, кPа
Uniaxial tensile strength σt, кPа
Young modulus E, кPа
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Value
Granite
Joints
0.2
0
55
0.9
21
21
3000

300

330
308·103

30
6.16·103

contacts in the nodes, which is necessary in any other cases. It allows, in this task, to
make a fine mesh of the area close to the tunnel, and a more rough one for the remote
field of rock mass. Eventually the mesh of the tunnel in jointed rock was created with
a minimal number of elements equal to approx. 24000. From them 18000 elements
represent an actual model and 6000 elements – an outlying model. Rock mass beyond
the visible area was modeled by introducing boundary conditions. The whole FEM
mesh and the tunnel area are shown in Figure 6 along with distribution of materials
with different properties. The geometry of the selected cross-section and some
features of the problem setup incidentally resemble rather closely the problem
described by Hoek [15]. This provides the basis for a qualitative comparison.

Fig. 6. The FEM mesh for the analyses

Figure 7. Absolute displacement and vertical stress contours in the rock mass around
the tunnel (no support).
The sequence of excavation was taken into account along with in-situ stress
conditions. As in the previous case, the Hoek-Brown model was set for intact blocks
and multilaminate model with different inclination angles for horizontal and vertical
joints.
The results are graphically represented in Figure 7. Discrepancy between the values
of the compressive strength of intact rock and the final stress level of the hole
massive is δ=13.9%. Maximum absolute displacement with no support in the tunnel
reaches 1.66 cm. Maximum stress in vertical direction is 2.63 MPa. This
corresponds to the tendency of a “cave in” shown by Hoek in [15], though presence
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of modeled joints and different initial stress field do not provide possibility for a
direct comparison with results obtained with solely direct implementation of the
Hoek-Brown model. Inclusion of the support installation (20 mm shotcrete with
rockbolts) into the modeled excavation sequence provides practically reasonable
results which can be used for the final design of this tunnel.

6. Stress conditions in the rock mass around a quarry
Rock wedge stability
As a prelude to the quarry problem the stability of a rock wedge in a vertical cut is
analyzed and compared to a theoretical solution.
The wedge is modeled with two preferential planes of failure, the corresponding
extended multilaminate data are introduced, in a regular mesh, at Gauss finite
element integration points intersected by the weakness layers (Fig. 8).

Fig. 8. Weakness layers
Fig.9. Wedge instability, displacements
intensities
Layers 1 and 2 are characterized by: Layer 1: α 1 = 115 o ; β 1 = 45 o ; φ1 = 15 o ; C=0
Layer 2: α 1 = 235 o ; β1 = 60 o ; φ1 = 25 o ; C=0
where α is the azimuth (angle between North and the layer inclination, 0 to 360),
and β is the layer inclination( 0 to 90), φ is the friction angle and C the cohesion.
A hand calculation using equilibrium of forces leads to a safety factor of SF=0.76
[16].
The numerical simulation reproduces this result reasonably well, with a computed
safety factor of SF=0.78, and a proper identification of the failure mechanism (Fig.
9). The enhanced assumed strain approach was used in this case to overcome
locking phenomena. Alternative formulations to overcome locking are possible, but
many seem to fail.
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Quarry
The stress distribution in a jointed rock mass as a result of the large scale open pit
mining operations present high practical interest. The problem set for the future
evaluation relates to the mined quarry in the Russian Arctic region on the Kola
Peninsula.
The region of interest is 18km x 18km x 3km. It contain several major faults and
jointed rock in-between. The quarry has an oval form, the recent size is 2.5 x 1.5 x
0.45 km. In the long time perspective the quarry depth may reach 800-1000 m with
inclination of slope up to 60 – 65 degrees.
Quite obviously the stress and slope stability prognoses can be made on the 3D
numerical modeling basis together with in-situ monitoring of the real situation.
Application of continuous models for representation of jointed rock mass is
obviously preferable from the point of view of computational effort. The research
described in the previous sections of this work show that this approach is practically
attractive.
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Figure 10. Problem setup for the quarry analyses.
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A non-linear elastic material model and its application in pavement
design
U. Ekdahl
Grundteknik, Peab Sverige AB,
Östra Varvsg. 23, 211 19 Malmö, Sweden

Keywords: Unbound granular material, non-linear elastic material model, SwePave.
ABSTRACT: A non-linear elastic material model with a stress level control defined
by the Mohr-Coulomb yield criterion has been developed, implemented, and tested
in practice. The model is developed for unbound granular base materials in
conjunction with relevant test methods. In the design process the material model is
used to predict pavement response and theoretically confirm a stabilized behavior in
the base material during cyclic loading. Input parameters for the model are directly
linked to practical field tests where design parameters can be validated in-situ during
the construction of the pavement. Critical parameters are void ratio, isotropic mean
stress, and matric suction. The in-situ mean stress is here the accumulated effect of
both compaction induced residual stresses and the contribution due to matric
suction. The in-situ mean isotropic stress is estimated indirectly from seismic
measurements. The matric suction in the unbound granular material is measured
with gypsum blocks. The practical usefulness of the proposed model is demonstrated
with a case study where the pavement construction is economically optimized based
on available materials. Results show that the model can accurately predict the nonlinear pavement response based on the material properties measured during
construction.
1

INTRODUCTION

Geotechnical aspects in design and construction of infrastructures have a major
influence on the performance of road pavements and on their maintenance costs. The
state of the art of pavement design has been empirical, with trial and error as basis
for the decisions.
The new pavement construction concept, SwePave (Ekdahl et al 2004), is an
attempt towards a more scientific approach to the practice of pavement
geotechnology. To get an entirety in the concept for analytical pavement design it
was necessary to develop a few missing important pieces.
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A new non-linear elastic material model with a Mohr – Coulomb yield
criteria which represent a serviceability limit line stress boundary. Cyclic
stresses below this boundary will result in stable behavior.
A new measurement and evaluation technique to evaluate the parameters
defining the threshold line for plastic deformations directly in the field.
A new unified approach to use test methods both in the laboratory and in the
field. Essential common parameters which must be considered for unbound
granular material (UGM) are the void ratio, isotropic mean stress and the
matric suction.
A new seismic measurement and evaluation technique (Rydén 2004). The
master curve of the asphalt layer can now be determined directly in the field
from non-destructive testing. The compaction induced residual horizontal
stress in the UGM can now be derived by seismic measurement performed
directly in the field. In the case of stabilized soil it is now also possible to
evaluate both the stiffness and indirectly the unconfined compressive
strength by seismic measurements.
Implementation of the new non-linear elastic material model has been
incorporated in a 3D FEM program called ZSOIL.
In this paper the new non-linear elastic material model will be described and the
application in practice will be demonstrated.
2

ANALYTICAL PAVEMENT DESIGN

The design process proposed is simply a check if stabilized behaviour will occur in
the UGM pavement layer during cyclic loading. However the number of cycles
corresponding to fatigue failure is also checked for the asphalt cover. Should
stabilised behaviour not occur which mean that we get plastic deformation in the
UGM then the pavement must be redesigned. For example the pavement design can
then be altered by increasing thickness of the asphalt cover. The horizontal stress
assumption in the UGM are however critical in this calculations and must be
determined indirectly in the field from preferable seismic wave speed measurements.
2.1

New non-linear elastic model for the UGM layer

The stiffness of the soil is not a material constant it is a state parameter that is
dependent on the void ratio of the soil, the stress level and the strain level.
The understanding of the importance of the non-linear relationship between stress
and strain and the development of new in-situ methods to determine this relationship
have increased the possibilities to perform a prediction of deflections with good
precision. The author has developed a revised method to determine the non-linear
stress-strain relation for soil in-situ with a modified procedure to perform a
pressuremeter test (Ekdahl 1997). The pressuremeter test is here performed with
unloading and reloading loops and also a load step with longer duration to determine
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the time-dependent behaviour. Now a new material model which describes the nonlinear elastic behaviour for preferably UGM has been developed. The same
fundamental methodology as used for the pressuremeter test has been used but now
the basis for the development is the triaxial test. The base for the small strain
behaviour are the work done by Biarez and Hicher (1994) and the base for the large
strain behaviour are the extensive triaxial tests done by the Swedish National Road
Administration for the test road project Sunninge in Sweden (Ekdahl et al 2004).
In the new model the secant modulus Es is defined as:

⎛ max( p, pL ) ⎞
⎟
Es = K1⎜
⎜
⎟
p
ref
⎝
⎠

K2

(1 − K3 min(η,ηmax ))

(1)

where
K4

− K2

⎛ q − q0 ⎞ ⎛ max( p, pL ) ⎞
1− ξ
⎟
⎟ ⎜
=
η = ⎜⎜
η
(2)
and
(3)
max
⎟
⎟ ⎜
pref
K3
⎠
⎝ pref ⎠ ⎝
Max means that the biggest value of p or pL should be used.
Min means that the smallest value of η or ηmax should be used.
p
= Mean stress which is the sum of the in-situ mean stress and the mean
isotropic stress change caused by traffic load.
pL = Limit mean stress. When calculating Es, p is not allowed to be smaller than this
value.
pref = Reference pressure.
q = Deviatoric stress.
qo = In-situ deviatoric stress.
ξ
= Preserves that Es > 0. ξ can be very small for instance 0,001 but must be
verified.
The in-situ mean stress is the accumulated effect of both compaction induced
residual stresses and the contribution due to matric suction in the UGM. The in-situ
mean isotropic stress is estimated indirectly in the field from seismic measurements.
The matric suction in the UGM is measured with gypsum blocks.
If the change in deviatoric stress is negative which means that we have an
unloading situation the η parameter is set equal to zero. The secant modulus Es is
therefore for unloading situation calculated as:
K2

⎛ max ( p, p L ) ⎞
⎟
(4)
Es
= K1 ⎜
⎜
⎟
p
ref
⎝
⎠
The new non-linear elastic model has been incorporated in the FEM code ZSOIL.
unload

The constants K1 to K4 can be estimated by:
= 500/e (Biarez et al 1999)
K1
If E, p and q is in MPa. The expression is valid if the UGM is newly
compacted and not affected by ageing.
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K2
K3
K4

e = void ratio which is derived from the water content and dry density
measured directly in the field by the Troxler method.
= 0.5 (Biarez et al 1994)
A unique value for all kind of UGM
= 0.65 – 0.74e
This expression ought to be valid for all kind of UGM. (see Figure 1)
= 0.32 - 0.17e
This expression ought to be valid for all kind of UGM. (see Figure 1)

The correlation between K3 and K4 against the void ratio e is based on triaxial
tests done on base material of crushed rock (0-32 mm). The different rock material
consisted mainly of quarts, feldspar, amphiboles and biotite. There were no
carbonates or harmful fines in these materials. The differences were mainly in mica
content which varied between 6 and 34 %. In total 96 determinations of E-modulus
was done with the triaxial test apparatus for different isotropic and deviatoric
stresses in the load cycles. The result of the correlation is shown in Figure 1. The
secant modulus predicted by the new non-linear model is compared by measured
secant modulus in triaxial tests. The result of a comparison for one of the tested
materials is shown in Figure 2.
For small strains, the increase in deviatoric stress is equal to zero, the model gives
therefore Eq. (4). With the values suggested for the constants K1 and K2 Eq. (5) is
attained. This modulus is in the same order as the modulus determined with seismic
measurement technique.
500
Emax =
∗ p
(Emax and p in MPa)
(5)
e
This is in accordance to recommendations presented by Biarez et al. (1999) and
Santamarina et al. (2001). The expression has been developed by using high quality
triaxial tests and applies to road aggregates not affected by ageing.
The size of K3 and K4 as function of the void ratio
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K3 = -0.74e + 0.65
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K4 = -0.17e + 0.32
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Figure 1: Correlation of the constants K3 and K4 against void ratio.
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TEST ROAD PROJECT SUNNINGE
E-modulus as a function of deviator stress and isotropic mean stress
e = 0.281 och Wrel = 60 %
Base Type 2
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Predicted p=279 kPa
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Measured p=546 kPa

Figure 2: Measured E-modulus compared with predicted modulus using the nonlinear elastic material model for different level of isotropic mean stress.
2.2

Mohr-Coulomb yield criteria

The size of the strength parameters c´ and φ´ are chosen so they represent a
serviceability limit state yield boundary. If we have stresses below this yield
criterion we will get a stabilized behavior in the UGM pavement layer with only
resilient deformations during cyclic loading.
It is shown for cyclic triaxial loading tests that the plastic strains increases when
the dilation phase starts (Tam 1986). The transition stress state from contraction to
dilation may be identified by static triaxial tests as the stress state when the slope of
the volumetric strain curve is zero which means that no dilation work has been
started. Therefore the friction angle is chosen as the critical state value. The critical
friction angle for UGM is dependent on its mineral composition (Larsson 2001).
This means that if the mineral composition in the UGM is known the inclination of
the yield plane for the serviceability limit state yield boundary could be estimated.
It is possible to evaluate the size of the c´ value by use of the so called creep load
determined with a carefully done static plate load test (SPLT) performed directly in
the field. The principle for this methodology is shown in Figure 3.
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Figure 3: Determination of the creep load with a SPLT.
The load settlement curves for different c´ values are calculated with use of an
axial symmetrical model in ZSOIL. In Figure 4 the idea to find out this strength
parameter representing the yield criteria for the serviceability limit state is shown.
Typical data for a pavement UGM consisting mainly of crushed gneiss are used in
this example. The critical friction angle, valid just before dilation starts, is set to 30
degrees according to recommendations by Larsson (2001). The compaction induced
stresses is taken into consideration through the horizontal stress which is estimated
indirectly in the field from seismic measurements to 25 kPa. The so called creep
load is determined when we start to have plastic deformation in the continuum and
the load settlement curve starts to bend. With the normal loading procedure when
SPLT test is performed it is possible to verify that we have a c´ up to about 30 kPa
for the serviceability limit state yield boundary condition. It is also possible to
determine the c´ value for the yield criteria representing a stabilized behavior during
cyclic loading with use of the heavy falling weight deflectometer FWD. Cyclic
loading tests are performed on the UGM for successive increasing stress levels on
the same spot. An example with results from such a test is shown in Figure 5. The
tests are performed on a conventional UGM base and the compaction induced
residual stress in this UGM has been evaluated to 25 kPa. If the modulus increases
with the number of blows the behavior is contractible in the UGM. On the other
hand if the modulus decreases with the number of blows we have a dilatable
behavior in the UGM. It is seen in Figure 5 that the transition state between
contraction and dilatation corresponds to a contact pressure between 500-600 kPa.
The c´ value is then evaluated with the same approach as described for the static
plate load test SPLT in Figure 4. Therefore according to Figure 4 we have a c´ about
35 kPa which represent a serviceability limit state yield boundary condition.
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Figure 4: Determination of the effective cohesion c´ as function of the creep
load.
Dynamic Modulus as a function of FWD blows
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Figure 5: Measured dynamic modulus with FWD tests as function of the number
of blows and the contact pressure.

2.3

The compaction induced residual in-situ stress

In UGM plastic deformation will occur due to compaction and traffic load. Because
the material within the layer is confined, the stresses in the unloaded state will also
progressively change under the effects of repeated load. These residual stresses have
an important influence on the granular layer. An increased residual stress level due
to compaction has the effect of increasing the strength of the UGM. The residual
horizontal stress is the key factor limiting permanent deformation. The accuracy of
permanent deformation prediction for layered systems thus will depend on the
ability to predict the horizontal in-situ state of stress.
The stiffness, the resilient modulus, is also very dependent of the size of the
residual stresses, see Eq. (1) and (5). The horizontal stress in the UGM must
therefore be measured indirectly by preferably seismic measurements performed
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directly on the compacted UGM in the field. The in-situ mean isotropic stress po in
the UGM could be evaluated from the measured horizontal compression wave
speed, vp, with use of the formulas given in Eq. (6) and (7). Eq. (7) is derived from
Eq. (5).
2
v 2 ρ (1 + ν )(1 − 2ν )
⎛ E *e ⎞
E= p
po = ⎜
(6)
and
(7)
⎟
(1 −ν )
⎝ 500 ⎠
where
(E and po in MPa)
ρ = Bulk density
E = Young’s modulus
e = Void ratio determined with the Troxler method
ν = Poisson’s ratio
2.4

The hydrological cycle has a significant effect on the UGM loading response

A change in isotropic stress will result in both a change in strength and stiffness of
the UGM pavement material. A change of matric suction in the UGM will cause a
change in the isotropic stress and therefore it is straightforward to take this influence
into account when doing the pavement design. The size of the matric suction is
dependent of the saturation degree in the UGM. The matric suction could be
measured with gypsum blocks installed in the UGM and the saturation degree is
calculated with help of the water content and the dry density determined with the
Troxler method.
The isotropic stress due to suction in the UGM can be calculated as the saturation
degree multiplied with the matric suction. With ZSOIL and the new developed
material model we have a possibility to take the effect of the hydrological cycle into
account due to the fact that in ZSOIL it is possible to model flow both in partial and
fully saturated soil. In ZSOIL for unsaturated conditions a Van Genuchten (1980)
relationship is used. The saturation degree S is calculated as given in Eq. (8).
1 − Sr
(8)
S = Sr +
s 2
1 + (α ∗ )
γF
where
Sr
= Residual saturation degree.
α
= A parameter which is chosen so the water retention curve agree with
the measured saturation degree.
s
= Matric suction.
γF
= Unit weight of water.
For positive pore pressures the saturation degree is equal to 1.
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3

CASE RECORD

In Malmö a new road, Lorensborgsgatan, has recently been designed and
constructed according to the SwePave concept. The asphalt thickness is 150 mm and
is placed on a 300 mm crushed base layer (0–90 mm) where its surface is sealed and
leveled by crushed material (0-40 mm). The upper part of the subgrade which
consists of clay till is stabilized with 2 % hydrated lime. The thickness of the
stabilized layer is 300 mm.
3.1

Measured properties in the UGM pavement layer

Compaction controls performed with the MSOR method (Rydén 2004) on the UGM
base layer resulted in P-wave velocities around 520 m/s. With a Poisson’s ratio
equal to 0.12 the seismic modulus becomes 600 MPa (Eq. 6). MSOR measurements
on the asphalt surface resulted in Emax-modulus equal to 639 MPa. The in-situ mean
stress which is the accumulated effect of both compactions induced residual stresses
and the contribution due to matric suction in the UGM can then be calculated with
Eq. (7). If the void ratio is set to 0.15, evaluated using dry density and water content
determined with the TROXLER method, and the Emax-modulus is set equal to 600
MPa then the in-situ mean stress po becomes 32 kPa.
The suction in the UGM has been measured with embedded gypsum blocks. In
Figure 6 measured matric suction on two gypsum blocks are shown.
The saturation degree is calculated with Eq. (8) using the measured matric
suction. The parameter α is chosen so the water retention curve agrees with the
calculated saturation degree using dry density and water content determined with the
TROXLER method.
The suction dependent effective cohesion can be calculated as:
c' ( suction) = S ∗ s ∗ tan (φ 'cr )
(9)
Gypsum blocks installed on 120 mm depth in the UGM
80
70

The asphalt layer
is constructed

The ditch slope
is sealed

Suction (kPa)
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Figure 6: Measured suction in the UGM from two embedded gypsum blocks.
If the in-situ saturation degree is set to 50 %, the suction to 35 kPa and the critical
friction angle to 30 degrees then the suction dependent effective cohesion becomes
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10 kPa according to Eq. (9). This means that if this UGM becomes saturated the
total effective cohesion will decrease from 35 kPa to 25 kPa. At the same time the
seismic modulus Emax will decrease from approximately 600 MPa to about 400 MPa.
Consequently both the seismic modulus and the effective cohesion will decrease
with about 30 % if this UGM becomes saturated.
3.2

Validation of the new non-linear elastic model for the UGM

Heavy FWD tests with contact pressures 700, 800 and 900 kPa have been compared
with FEM calculated deflection curves. It should be noted that it is only the UGM
layer and the subgrade that is modeled with the new non-linear elastic material
model. All other layers are modeled as linear elastic. The properties of the pavement
materials have been chosen with the aid of performed investigations:
Asphalt
Temperature 7 degrees Celsius
E = 9800000 kPa ν = 0.26
γ = 23 kN/m3
UGM, base layer
Void ratio e = 0.15 ν = 0.12 pref = 1000 kPa
K1 = 3333330 K2 = 0.5 K3 = 0.54 K4 = 0.29
γ = 23 kN/m3 c’ = 35 kPa φ’ = 30 degrees
Compaction induced horizontal stress including
the effect of suction = 45 kPa, the corresponding
total mean isotropic stress is 32 kPa
Lime stabilized subgrade layer E = 600000 kPa
ν = 0.12
3
γ = 22 kN/m c’ = 115 kPa φ’ = 30 degrees
Clay till
K1 = 1653000 K2 = 0.5 K3 = 0.45 K4 = 0.27
ν = 0.35 pref = 1000 kPa Κο = 1.0 – 0.5
γ = 21 kN/m3 c’ = 10 kPa φ’ = 30 degrees
The sizes of the strength parameters c´ and φ´ have been chosen so they represent a
serviceability limit state yield boundary. The FEM calculated stresses is below this
yield criterion which means that we will get a stabilized behavior in the pavement
layers with only resilient deformations during cyclic loading. FEM calculated and
measured deflections for the contact pressure 800 kPa are shown in Figure 7. Thin
red lines represent all the different sections from the FWD measurements. In Figure
8 the calculated distribution of the secant elastic modulus is shown when the contact
pressure is 800 kPa in the FWD test.
4

CONCLUDING REMARKS

The new framework for analytical pavement design, SwePave, constitutes efficient
methods of pavement design aimed at producing solutions which are less disruptive
to the environment and to the road user. An important part in this concept is the new
developed non-linear elastic material model with a serviceability limit state yield
boundary. In this paper it is demonstrated that the model can accurately predict the
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non-linear pavement response based on the material properties measured during
construction.
The success in the approach depend mainly by the fact that the input parameters
for the model are directly linked to practical field tests where design parameters can
be validated in-situ during the construction of the pavement. Critical parameters are
void ratio, isotropic mean stress, and matric suction.

Figure 7: Heavy FWD test deflections for contact pressure 800 kPa compared
with FEM calculated deflection.

Figure 8: Calculated distribution of the secant elastic modulus when the contact
pressure is 800 kPa in the FWD test.
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Introduction
Modern seismic design codes allow engineers to use either linear or nonlinear
analyses to compute design forces and design displacements. In particular, Eurocode
8 contains four methods of analysis: simplified static analysis, modal analysis,
nonlinear pushover analysis and nonlinear time-history analysis. These methods
refer to the design and analysis of framed structures, mainly buildings and bridges.
The two nonlinear methods require advanced models and advanced nonlinear
procedures in order to be fully applicable by design engineers. This paper gives an
overview of the steps followed to implement state-of-the-art nonlinear models in
Z_Soil and presents a test-bed application to a reinforced concrete building.

Nonlinear Frame Analysis Methods in Eurocode 8
Eurocode 8 [1] (EC8) includes two nonlinear methods of analysis: pushover analysis
and time-history analysis.
The pushover analysis consists of applying monotonically increasing constant shape
lateral load distributions to the structure under consideration. The frame model can
be either 2D or 3D, depending on the regularity properties of the building. The
nonlinear pushover procedure in EC8 follows the approach developed by Prof.
Fajfar of the University of Ljubljana, Slovenia (Fajfar [2],[3]). It considers two load
distributions: a uniform distribution (or mass proportional) and a modal load
distribution. The two load distributions are shown in Figure 1. The applied lateral
load distributions are increased and the response is plotted in terms of base shear vs.
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top displacement (for example center of mass of the top floor). This is the so-called
pushover curve (also shown in Figure 1).
F2i=miΦ1i

F1i=mi

d1

d2

Vb

1

Base Shear

2

2

1

d
Base Shear Vb
Top Displacement
Figure 1 –Load distributions for pushover analysis according to EC8 and pushover
response curves

The pushover curve is then transformed into the response of an equivalent SDOF
system (Figure 2).
d

d*
Vb
Γ
d
d* =
Γ
F* =

Vb

Vb

Γ=

d

F*

F*

∑m φ
∑m φ

i i
2
i i

d*

Figure 2 – Transformation of pushover curve into SDOF response

F*
m* g

F*
Fy*

d *y

d m*

d*

d *y

d m* = Estimated target displacement

d m*

d*

Capacity Spectrum

Figure 3 – Linearization of the pushover curve and transformation into capacity
spectrum
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Next, the nonlinear pushover curves are linearized, using and equal energy method.
The linearized curve is then transformed in capacity spectrum normalizing the force
N

with respect to m* g , where m* = ∑ mi Φ i is the mass of the equivalent SDOF. The
i =1

SA /g

T*<TC

T*

SA /g

T*>TC

TC

TC

T*

two steps are shown in Figure 3. Finally, the target displacement is determined by
comparing capacity spectrum and design spectrum (or demand spectrum). The
comparison is conveniently carried out on the Acceleration Displacement Response
Spectrum (ADRS), as shown in Figure 4.

T* small

T* medium-long

d *y

d t* = d et*

SD (m)

d *y d et* d t*

SD (m)

Figure 4 – Transformation of pushover curve into SDOF response

The comparison between the two spectra is not immediate, because the design
spectrum is linear elastic. EC8 follows a simplified approach in order to compare the
two spectra. For long periods, EC8 assumes equal max displacements for linear and
elastic-perfectly-plastic (EPP) oscillators. For short periods, EC8 assumes equal
energy between the two oscillators. In conclusion, the target displacement d t* of the
equivalent nonlinear SDOF system is:
a) T * < TC (short periods)

a1) Fy* m* ≥ Se ( T * ) ⇒ the response remains linear elastic
d t* = d et*
a2) Fy* m* (< Se ( T * ) ⇒ the response enters the nonlinear plateau
d*
d = et
qu
*
t

TC ⎞
⎛
*
⎜ 1 + ( qu − 1) * ⎟ ≥ d et
T
⎝
⎠

b) T * ≥ TC (medium and long periods)
d t* = d et*
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where qu =

Se ( T * )
Fy* m*

The target displacement at the top of the building is obtained by inversing the
transformation in Figure 2, i.e. d t = Γd t* . The above procedure was implemented in
Z_Soil. Given the nonlinear pushover response of the given model, the program
computes the target (design) displacement of the reference point at the top floor.
The nonlinear time history analysis method consists of applying spectrumcompatible ground motions (natural or generated) to the structural model. If three
ground motions are used, then the maximum value of the response quantities (forces,
displacements, deformations, drifts, etc.) are used If a minimum of seven ground
motions are used, then the average response is used.

Nonlinear Frame Models in Z_Soil
Two fully 3D frame models are implemented in the β-version of the new Z_Soil
program, which includes full dynamic capabilities. The first is a classical two-node,
displacement-based, Euler-Bernoulli frame element. The second is a two-node,
force-based, Euler Bernoulli frame element. The main advantage of the second
element is that it is “exact” within the relevant frame element theory. This implies
that one element per frame member (beam or column) is used in preparing the frame
mesh, thus leading to a reduction of the global number of degrees of freedom. The
complete theory on the force-based element is found in Spacone et al. [4]. For
describing the section response, both elements use a fibre discretization. Fibre
sections automatically account for moment-axial load interaction. In the present
implementation, simple uniaxial constitutive laws have been implemented for
concrete and steel. Enhancements to these laws are planned for future developments.
Both elements include both material and geometric nonlinearities. Material
nonlinearities derive from the fibre nonlinear constitutive laws. Geometric
nonlinearities are included in the framework of the co-rotational formulation.
Geometric nonlinearities are important for analyses carried out up to the collapse
limit state.

Application
The nonlinear response of the 3D model of an existing building is presented as a
first application of the new capabilities in Z_Soil. The building is a residential twostorey reinforced concrete building in Bonefro, Italy. It is representative of typical
residential building construction in Italy in the 1970’s and 1980’s. The building is
shown in Figure 5. The design spectrum for the building was obtained from EC8
using the local soil properties and the peak ground acceleration given by the new
Italian seismic map. The building is regular in height but is irregular in plan because
of the eccentric position of the staircase.
The pushover analysis of the building in the x direction is shown in Figure 6. The
determination of the target displacement is shown in Figure 7 and yields a target
displacement of 0.077 m.
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X
Figure 5 – Two-storey Bonefro building used for analyses
pushover curve in 3D with acceleration which follows the first mode
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Figure 6 – Pushover response of 3D model with modal
load distribution in x direction
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Figure 7 – Target displacement for pushover response in
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In order to perform the time-history analyses, and to compare the results with
those obtained with the pushover analysis, the first step is to select a set of spectrumcompatible ground motions. In this application, three artificially generated ground
motions are used. The ground motions are generated using a computer program
based on the theory presented in Sabetta [5]. The most important input parameters
are the epicentral distance, the magnitude and the type of soil. In this case, the
Magnitude was set to 6.02, the epicentral distance to 22.8 km and the soil type to
shallow. The results are three ground motions whose response spectra are shown in
Figure 8. Figure 9 compares the mean spectrum to the three separate spectra.
accelelogram close to eurocode spectrum in normal scale
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Figure 8 – Generated accelerogram spectrum vs EC8 spectrum

The time history responses in terms of top floor center of mass displacement are
shown in Figure 10, 11 and 12. The three responses show a residual displacement at
the end of the time histories, indicating a nonlinear response in parts of the building.
The residual displacement is larger under ground motion 1. The maximum
displacements due to the three ground motions are 0.0425, 0.0212, 0.0287 meters.
Because only three ground motions are used, the design displacement is 0.0425 m.
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Figure 9 – Verification that generated ground motion spectra are close to mean spectrum
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Figure 10 – Response of Bonefro building to ground motion 1 applied in the x
direction

Figure 11 – Response to ground motion 2
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Figure 12 – Response to ground motion 3

Work in Progress and Conclusions
Additional work is in progress for the full implementation of the above
mentioned elements and capabilities in Z_Soil. In particular, the following features
are under study:
1)
Implementation of the EC8 nonlinear procedures in Z_Soil. The most
important issues under consideration are: load distributions for 3D
pushover analyses or irregular structures; selection of ground motions for
3D time history analyses, simultaneous applications of ground motions in
two horizontal directions; comparison of results from pushover and timehistories.
2)
Extension of the current nonlinear push-over and time-history procedures
to include modelling of the soil. For the case of push-over analyses, adding
the soil requires rethinking the load distribution shapes. For the nonlinear
dynamic analyses, adding the soil requires rethinking of the input ground
motions.
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There are no doubt advantages in using nonlinear analyses vs using linear
methods. Most importantly, nonlinear analyses allow designers to follow more
closely the nonlinear response of buildings and bridges to the design earthquakes
corresponding to the ultimate and collapse limit states. The new version of Z_Soil
will allow designers to perform 3d push-over and time-history analyses using stateof-the art nonlinear techniques and modelling capabilities.
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Abstract A dynamic time history analysis of Żelazny Most tailing dams is presented
in this paper. The structure, located in the zone of mining activity, is subject to seismic
excitations with recorded peak acceleration of value 0.2g. This value of peak acceleration is usually treated as a limit for so-called pseudo-static approaches applied to
stability assessment. Hence a fully nonlinear dynamic analyses are required to assess
maximum shear strain amplitudes and maximum accelerations.

1

Introduction

Żelazny Most tailings dams, located in the south-western part of Poland, are designed
to deposit wastes from copper-ore processing. The total length of the circuit of dams
is 14 km and the largest relative height of the slope is of about 70m in the east part.
This structure is in the stage of continues construction and current elevation is at 165
m.a.s.l. The general view of the structure is shown in Fig.1. Mines, which are the
source of seismic excitations, are located close to the west dam (see enclosed map
in Fig.2), and for that reason cross section 2-W (western dam) was considered in the
dynamic time history analysis.
Because of the complexity of the problem: geometry, three-dimensional effects,
strong variation of soil properties in the cross sections, varying seepage conditions,
short distance of the seismic source to the structure, etc.., it was not possible to carry
out a fully nonlinear three-dimensional two-phase dynamic analysis.
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projektowych Po raz pierwszy w Polsce na szerszą skalę metodę obserwacyjną
zastosowano przy skutecznej stabilizacji osuwiska skalnego, które wystąpiło podczas
budowy zapory w Tresnej [3].
Metoda obserwacyjna jest szczególnie przydatna w postępującym projektowaniu obiektów
wznoszonych (realizowanych) etapowo. Charakterystycznym przykładem są zapory
składowiska Żelazny Most (Rys. 1). Prowadzone są tam kompleksowe obserwacje
zachowania się budowli z zastosowaniem piezometrów, inklinometrów, różnego rodzaju
reperów oraz akcelerometrów.

Rys. 1 Składowisko Żelazny Most. Zdjęcie lotnicze od strony wschodniej

Figure 1: General view

Obserwacje piezometrów zainstalowanych w korpusie zapór pozwalają ustalić aktualne
ciśnienia wody w porach i położenie krzywej depresji i na tej podstawie prognozować je
Todla
simplify
model
and to get predictions on the ”safe side” the following
kolejnychthe
etapów
nadbudowy.
Wielkości
przemieszczeń
za pomocą inklinometrów i reperów pozwalają
sumptions
were
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account:
analizować numerycznie odkształcenia a także stateczność zapór, przy czym w tym
ostatnim przypadku wykorzystywane są również odczyty rejestrowane przez akcelerometry
1. pozwalający
in the zonenaof
full saturation
an undrained
condition robót
is assumed
uwzględnienie
parasejsmicznego
oddziaływania
górniczych.
W wyniku prowadzonej w powyższy sposób analizy obserwacyjnej korygowane są niektóre
dociążające)
a także
wykonywane
dodatkoweisdrenaże.
2. odcinki
in the zapór
zone(nasypy
of partial
saturation
a fully
drainedsącondition
assumed

as-

3. 3.an extra
damping (α = PROCESU
0.01) is assumed
in the foundation to reproduce properly
PROGNOZOWANIE
FILTRACJI
the shape of attenuation curve
The applied asymptotic drained/undrained conditions allowed to treat soils as a
single-phase media, in which stiffness moduli and strength parameters, for the undrained
case, have to be reformulated to handle incompressibility
constraint.
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To carry out time history analyses, a dynamic module, applicable so far to single
phase media, was implemented within the Z SOIL code (custom version v.6.96), including implicit Newmark integration schemes in time and special damping elements
for transmitting boundaries.

2

Integration of equations of motion by α-method

In the considered case the implicit α-method (Hilber-Hughes-Taylor method) was
used with integration parameters α = −0.3, β = (1 − α)2 /4 = 0.4225 and γ =
(1 − 2α)/2 = 0.8 [2].
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Figure 2: Location of the structure (picture from www.rudna.prv.pl)
Preliminary computations carried out with a standard implicit Newmark method
(α = 0.0, β = 0.25, γ = 0.5) shown an insufficient numerical dissipation of modes
related to higher frequencies. This was resulting in oscillatory time histories for velocities and displacements.
The α-method introduces sufficient numerical damping without degrading the accuracy [2].

3

Transmitting boundaries

Application of special damping elements placed at boundaries which are bounding the
computational finite element model is a major issue in practical dynamic analyses. In
the considered study the formulation proposed by Zohra Zerfa and Benjamin Loret
[5] is used. This formulation is insensitive to the frequency and incidence of incoming
waves.

4

Estimation of stiffness moduli in the range of small
strains

Because of lack of the data for stiffness moduli in the range of small strains a well
known empirical formula collected by Ishihara in [3] were used.
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For cohesive tertiary and quartenary soils the Hardin and Black formula was used
( see Fig.(3); the initial shear modulus is expressed as:
(2.97 − e)2  0 0.5
σo
Go = 3270
1+e

(1)

For dense cohesionless soils the Higuchi’s formula was applied (see Fig. (4):
Go = 16600

(2.17 − e)2  0 0.4
σo
1+e

(2)

For tailing batches, treated as a cohesionless soil with high fraction of fines, another
Higuchi’s formula was used (see Fig.(4):
(2.17 + e)2  0 0.6
Go = 3090
σo
1+e

(3)

In all the above expressions the initial void ratio was denoted by e and the effective
0
mean stress by σo .
The general form of the stiffness shear moduli in the range of small strains can be
expressed by the formula:
Go = Go∗

 0 m
σo

(4)

in which Go∗ and m are material properties.
In the considered case the major part of the cross section remains in the stage of
full saturation while zones close to the free boundaries remain in the regime of partial
saturation. To distinguish these two limiting cases for the undrained case the elastic
properties and strength parameters are reformulated using following relations:
3E
2 (1 + ν)
νu = 0.49999
p
2 (Nφ )
cu = c
1 + Nφ

(6)

1 + sin(φ)
1 − sin(φ)

(8)

Eu =

Nφ =

5

(5)

(7)

Description of the dynamic computational model

In the considered case it was assumed that in each continuum finite element the shear
and bulk stiffness moduli remain constant during dynamic analysis. However, their
values were computed based on the effective stress state and saturation ratio (to decide whether drained or undrained values are to be used) obtained from the preceding
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Figure 3: Relation G − e for cohesive soils in the range of small strains (after Ishihara
[3])

0

Figure 4: Relation G − σo for cohesionless soils in the range of small strains (after
Ishihara [3])
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static analysis reproducing construction of the pond and hence serving the initial condition for further dynamic analysis. The aforementioned static analysis was carried
out assuming uncoupled two-phase model [4]. It consisted of the initial state computation, construction of the starter dam and then subsequent construction of dams and
filling of the pond by wastes, until the elevation of 165 m.a.s.l. was reached. The finite
element mesh including the applied boundary conditions for displacements is shown
in Fig.(5).
All material properties required to carry out dynamic simulations are given in Table
5.
The dynamic model scheme is shown in Fig.(6). Compared to the static one it
required certain changes to be made related to the boundary conditions defined along
edges D-E, E-F and F-G. Before dynamic simulations were run all fixities along the
edge D-E and E-F were removed and transmitting boundary elements were activated.
The corresponding density and shear and longitudinal waves speeds for transmitting boundaries were computed based on shear and Young’s moduli taken from the
adjacent continuum elements. This is a crucial point if spurious reflections from transmitting boundaries are to be eliminated.
The corresponding reactions coming from removed fixities were reapplied as external forces to satisfy equilibrium in the static limit. On the boundary F-G kinematic
boundary conditions were reformulated to handle Ricker’s signal applied to the vertical component of the velocity vector [1].
Layer
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14753

0.37

0.5

12

14
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0.8

starter dam

0.67

22365

0.25

0.4

36

0

16

20

0.41

quartenary cohesionless

0.62

24618

0.25

0.4

31

0

16.5

20.3

0.48

quartenary cohesive

0.55

12355

0.29

0.5

28

0

17.2

20.8

0.53

dense wastes

0.67

22365

0.25

0.4

36

0

16

20

0.41

wastes

0.84

2971

0.20

0.6

33

0

14.4

20

0.46

Table 1: Material properties

5.1

Damping

In this study a low frequency damping was applied assuming α = 0.01 (C = αM)
for all tertiary and quartenary soils in the foundation. With this value the shape of the
attenuation curve matches well the one given by seismologists. An additional physical
damping is generated due to plastic deformations.
The numerical damping, successfully filtering higher frequencies, is introduced
into the model by application of the α-method instead of standard Newmark one.
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Figure 5: Mesh for both static and dynamic analysis

Figure 6: Model for dynamic analysis
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5.2

Excitation imposed by Ricker’s signal

In the considered study problem of propagation of seismic waves is modeled by application of the 2Hz Ricker’s signal imposed as the vertical velocity (vy (t)) [1], at all
nodes along the edge F-G (see Fig.( (6). The two excitations were analyzed. In the
first one amplitude of the signal was estimated to achieve the maximum vertical velocity on the crest of starter dam (p.B in Fig.(6)) of value 1.5cm/s. The second excitation
was obtained by amplifying the amplitude of the Ricker’s signal, obtained for the first
excitation, by factor of 4. The graphical representation of the 2Hz Ricker’s signal with
unit amplitude is shown in Fig.(7).

6

Results

The acceleration and velocity time histories for 3 selected control points (see Fig.6)
and for the two assumed amplitudes of the Ricker signal (see Fig.7) are shown in
Fig.8, 9, 10, 11, 12, 13, 14, 15.

Figure 7: 2Hz Ricker’s signal
The maximum shear strain amplitude corresponding to the first excitation was of
order 1.1 10−4 while for the second one 1.6 10−4 .
One may notice that in the case of weak excitation (excitation 1) the ratio between maximum horizontal acceleration on the crest of the starter dam and top of
the pond is of order 0.038/0.022 = 1.70 while for the stronger excitation it is of order
0.040/0.048 = 0.83.
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Figure 8: Excitation 1: Time history of ax / g

Figure 9: Excitation 1: Time history of ay / g
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Figure 10: Excitation 1: Time history of vx

Figure 11: Excitation 1: Time history of vy
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Figure 12: Excitation 2: Time history of ax / g

Figure 13: Excitation 2: Time history of ay / g
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Figure 14: Excitation 2: Time history of vx

Figure 15: Excitation 2: Time history of vy
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7

Conclusions

A detailed description of the dynamic model of Żelazny Most tailings dams was presented in this paper. A fully nonlinear single-phase dynamic analysis was carried out
with aid of a new dynamic module implemented within the Z SOIL code.
Because of the fact that wastes deposited in the Żelazny Most pond may exhibit liquefaction phenomenon further simulations with more advanced (than standard MohrCoulomb) models are needed.
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1. GENERAL PRESENTATION OF THE PROJECT
The building of the m2 subway under the Bessières bridge is composed of several works.
Cathedral pile

Bessières bridge

Caroline pile

Bessières station

St Martin bridge

Cathedral side

Caroline side

On the Cathedral side of the bridge there is:
• an underground structure of small length
to pass under the abutment of the
bridge
• a small gallery under the countervault of
the bridge
• an opening of large size in the masonry
to cross the pile of the bridge
The new St-Martin bridge crosses the
street 17 meters under the main arch of
the Bessières bridge.
On the Caroline side of the bridge there is:
an important opening to cross the pile of
the bridge as on the other side
a station divided in a first part in the open
air (L=15m, under the counter vault) and a
second
part
underground
(L=20m
excavated in the abutment of the bridge
composed of molasse
and backfill
materials)
After the station, a 150 meter long tunnel is
build under the Langallerie street, at limited
depth, between the existing buildings and in
bad quality soils.
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